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ABSTRACT 
INELASTIC RESPONSE AND DAMAGE ASSESSMENT OF REINFORCED CONCRETE 
HIGHWAY BRIDGES SUBJECTED TO SEISMIC LOADINGS 
In the current CalTrans and AASHTO bridge design specifications for 
seismic loads it is assumed that the piers will respond inelastically to 
strong earthquakes. Design moments in the piers are determined by 
dividing the moments obtained from an elastic response spectrum analysis 
by a response modification factor ranging from 3 to 8. The implications 
of this design procedure and other design assumptions on the inelastic 
response of reinforced concrete highway bridges under earthquake loadings 
were the subject of this investigation. 
Single-degree-of-freedom oscillators with natural frequencies 
between 1.0 and 10.0 Hz. were designed by dividing the force from a 
design spect~urr. for either a rock or a soil site by a factor from 2 to 
8. The :'r.€:la~t:c response of each oscillator was then calculated for 
ei ght ground motions recorded at ei ther a rock or a soil si te and that 
were scalec ~o the level of the design spectrum. The results indicated 
that for !'"c)2K S.I. tes the average ductility demands may be less than 
expectec ~or oscillators with an initial frequency of less than 
3.0 Hz. b-.;: r.:oy be much greater than expected for oscillators above 
3.0 Hz. Fo .... S211 si tes the average ductil i ty demands may be much greater 
than exp~c:,,:,.~ ~or oscillators with an initial frequency above 1.5 Hz. 
The f-x;;,:::-:e::: response of real bridges and bridges design by current 
SpeC':~lCa::~;;! .ere evaluated using a finite element model that was 
deve:o;>-:,'C: ._ - ;o('-~o;m an inelastic time history analysis of a bridge. A 
spee:r..m: :"'t"';·c1:1:::e artificial accelerogram was used as input to the 
modE:. -. ;""'''~:-;rrr.ances of the bridge piers were evaluated based on 
due:.::::. v>,_~r:!, and on a "damage index" developed from tests of 
reir.~:)r, oi" 4 ~ ""'t:e specimens. For bridges designed prior to 1971, the 
ana: y5 ~ ~ ~. w·': ~ "".... pi ers to be in danger of collapse if the moments 
eXCE-(';::"': ·· .... f:: moments due to the limited amount of transverse 
reli.~:- -.';" _"f"' :-ne bridges designed after 1971 and by the current 
spec~~. ". -~.::: good calculated behavior of the piers. The method 
cu;re;:~. # .. .,. calculating the design force on the abutments, 
~ :0 be unconservative in many cases . 

1 
) 
J 
1 
] 
I 
1 
1 
) 
] 
j 
1 
" 1 
i 
....J 
iii 
ACKNOWLEDGMENTS 
Financial Support was provided by the Uni versity of Illinois, the 
Graduate College, and the Department of Civil Engineering. This support 
is gratefully acknowledged. 
The computations and most of the figures were performed with the use 
of either a CDC Cyber 175, Harris 800 or Apollo DN300 computer. Partial 
computer service funding was provided by the Research Board of the 
Graduate College of the Uni versi ty of Illinois and by the Department of 
Civil Engineering. 
The authors are very grateful for the assistance provided by 
Ms. Claudia Cook in the preparation of the manuscript. 
Mr. James Gates of the California Department of Transportation 
provided structural plans of the bridges and helpful information on 
bridge design. His help ~~d interest are gratefully acknowledged. 
This report was prepared as a doctoral dissertation by the first 
author and was submi tted to the Graduate College of the Uni versi ty of 
Illinois at Urbana-Champaign in partial fulfillment of the reqUirements 
for the Ph.D. degree. The study was directed by the second author. 

1 
J 
1 
J 
] 
I 
1 
. ~ 
I 
I 
] 
J 
] 
J 
1 
J 
) 
j 
"1 
.. J 
J 
CHAPTER 
2 
3 
4 
iv 
TABLE OF CONTENTS 
INTRODUCTION ......... ' .................................... . 
1 • 1 
1 .2 
Background and Motivation .......................... . 
Purpose of Study ................................... . 
INELASTIC RESPONSE OF SINGLE-DEGREE-OF-FREEDOM 
OSCILLATORS TO GROUND MOTIONS .... ~ ....................... . 
2.1 Introduction ....................................... . 
2.2 Background ......................................... . 
2.3 Derivation of Elastic Design Spectrum .............. . 
2.4 Response Modification Factors ...................... . 
2.5 Analysis Procedure for SDOF Oscillators ............ . 
2.6 
2.7 
2.8 
2.9 
2.10 
2.5.1 Integration of Equations of Motion 
for SDOF Sys terns ............................ . 
2.5.2 Procedure to Calculate Energies of 
Dynami c Sys tern .............................. . 
2.5.3 Hysteresis Models Used ...................... . 
Earthquake Ground Motions Used in Analysis ......... . 
Analysis of SDOF Oscillators ....................... . 
Discussion-of Results .......................... ~ ... . 
Hysteretic Energy and Inelastic Response ........... . 
Conc 1 ud ing Remar ks ................................. . 
DERIVATION AND EVALUATION OF ARTIFICIAL ACCELEROGRAM ..... . 
3. 1 
3.2 
3.3 
3.4 
3.5 
Introduction ....................................... . 
Derivation of Artificial Accelerogram .............. . 
Definition of Target Response Spectrum ............. . 
Calculation of Time History ........................ . 
Response of SDOF Oscillators to Artificial 
Accelerogram ....................................... . 
DAMAGE MODEL FOR REINFORCED CONCRETE MEMBERS ............. . 
4. 1 
4.2 
Introduction ....................................... . 
Proposed Damage Models ............................. . 
Page 
1 
7 
8 
8 
8 
10 
12 
13 
1 4 
17 
19 
21 
24 
26 
29 
30 
32 
32 
33 
35 
36 
39 
42 
42 
43 
4.3 
4.4 
4.5 
4.6 
v 
Description of Park and Ang Damage Model ........... . 
4.3. 1 
4.3.2 
4.3.3 
Calculation of Ultimate Deformation ......... . 
Calculation of 8 ........•.................... 
Calculat ion of Q •••••••••••••••••••••••••••• y 
Calibration of Damage Index ........................ . 
Comparison of Damage Index to Tests ................ . 
Summary ............................................ . 
5 ANALYTICAL MODEL FOR NONLINEAR DYNAMIC ANALYSIS OF 
BRIDGES .................................................. . 
5.1 Introduction ....................................... . 
5.2 Development of Stiffness Matrix of Pier Elements ... . 
5.2.1 Calculation of Moment-Curvature 
Re la t ionsh i p ............... -' ................. . 
5.2.2 Calculation of Moment-Bond Slip 
Relationship ................................ . 
5.2.3 Flexibility Matrix for Reinforced 
Concrete Member ............................. . 
5.2.4 Total Flexibility and Stiffness Matrix 
of the Member ............................... . 
5.2.5 Modification of Stiffness Matrix for 
Pier Cap .................................... . 
5.2.6 Transformation of Stiffness Matrix to 
Member with End Translation ................. . 
5.2.7 Final Form of the Stiffness Matrix .......... . 
5.3 Hysteresis Rules for' Pier Elements ................. . 
5.4 Flexibility Matrix of an Element with Weakened 
Base ............................................... . 
5.5 Modeling of Foundations ............................ . 
5.6 Modeling of Abutments .............................. . 
5.7 Modeling of Deck ................................... . 
5.8 Stiffness Matrix and Mass Matrix of Overall 
Structure .......................................... . 
5.9 Damping Matrix for Structure ....................... . 
5.10 Correction of Unbalanced Forces and Moments ........ . 
5.11 Effect of Gravity Loads ............................ . 
5.12 Comparison of Calculated Load-Deflection to Test ... . 
5.13 Integrat ion of Equations of Mot ion ................. . 
Page 
44 
44 
46 
47 
47 
48 
49 
51 
51 
53 
53 
54 
54 
59 
60 
61 
62 
63 
64 
65 
69 
70 
73 
74 
74 
75 
76 
76 
r 
f 
~. 
S' 
t 
j 
t 
;-
t 
• 
f 
i 
i 
l 
J 
t 
,. 
r 
t 
l 
I 
r 
! 
l. 
1 
L 
t-, 
i? 
~ 
r·-
~} 
1 
1 
, 
I 
J 
., 
] 
I 
1 
1 
I 
1 
. ~ 
'1 
I 
j 
I 
1 
J 
j 
, -'1 
I 
...J 
6 
7 
vi 
ANALYSIS OF BRIDGE MODELS .... ............................ . 
6.1 
6.2 
6.3 
6.4 
6.5 
6.6 
6.7 
6.8 
6.9 
Introduction ....................................... . 
Analysi s of Real Br i dB :S •••••••••••••••••••••••••••• 
6.2. 1 
6.2.2 
6.2.3 
6.2.4 
San Fernando Ro. id Overhea.d .................. . 
Cedar Valley Ov ~rcrossing ................... . 
North - LA Conn !ction ....................... . 
San Simeon Cree·: Bridge ..................... . 
Discussion of Results .............................. . 
Analysis of Hypothetic~l Bridges . .................. . 
6.4.1 Configuration cl:1d Articulation of 
Hypothetical Bridges .... .................... . 
6.4.2 Design of Piers ............................. . 
Results of Analyses of Hypothetical Bridges ........ . 
Effects of Parameter V~riation on Response 
of Hypothetical Bridges . ........................... . 
6.6. 1 
6.6.2 
6.6.3 
6.6.4 
6.6.5 
6.6.6 
6.6.7 
6.6.8 
6.6.9 
Number of Spans ............................. . 
Number of Columns in Piers .................. . 
Connection of D~ck and Abutment .. ........... . 
Stiffness of Pi~r Foundation ... ............. . 
Response Modification Factor ... ............. . 
6ver~esigned or Underdesigned Moment 
Capaci ty .................................... . 
Longitudinal Response of Bridge ............. . 
Effect of Type of Deck ...................... . 
Confinement of Yield Regions of Piers . ...... . 
Discussion of Results of Parameter Study .. ......... . 
Concluding Remarks on Analyses of Hypothetical 
Bridges ............................................ . 
Seismic Evaluation of Existing Bridges .... ......... . 
SUMMARY AND CONCLUSIONS .................................. . 
7 . 1 Summary ............................................. . 
7.2 Conclusions ......................................... . 
TABLES ............................................................ . 
Page 
78 
78 
79 
81 
83 
85 
86 
88 
89 
90 
91 
93 
96 
96 
98 
99 
100 
102 
104 
105 
106 
107 
108 
11 0 
11 2 
11 5 
11 5 
11 6 
120 
vii 
Page 
FIGURES ........................................................... . 136 
APPENDIX 
A HYSTERESIS RULES FOR SDOF OSCILLATORS .................... . 177 
B FLEXIBILITY RELATIONSHIP FOR INELASTIC FLEXURAL 
DEFORMATION .............................................. . 180 
C HYSTERESIS RULES FOR REINFORCED CONCRETE PIERS ........... . 186 
REFERENCES .......................................... ' .............. . 190 
r 
,--
I 
'I 
, 
t 
) 
I 
r 
1 
t, 
t 
( 
\ 
L 
r 
• 
j 
I 
J 
I 
, 
I 
I 
t 
I 
1 
1 
~ j 
r 
J 
1 
J 
i 
i 
J 
Table 
2. 1 
2.2 
2.3 
2.4 
2.5 
2.6 
2.7 
2.8 
2.9 
2.10 
2. 11 
3. 1 
4 • 1 
4.2 
5. 1 
viii 
LIST OF TABLES 
Response Modification Factors in ATC-6 ................... . 
Rock and Stiff Soil Ground Motions Used in Study ......... . 
Deep Cohesionless Soil Ground Motions Used in Study ...... . 
Values of Scaling Parameters and Relative Scaling Used 
for Evaluation of Scaling Methods ........................ . 
Statistical Results of Ductilities for Various Scaling 
Methods ................................ .- ................. . 
Spectrum Intensities and Relative Scaling Used to 
Normalize Records to 1.0g Rock and Stiff Soil Design 
Spectra .................................................. . 
Spectrum Intensities and Relative Scaling Used to 
Normalize Records to 1.0g Deep Cohesionless Soil 
Design Spectra ........................................... . 
Values of Design Rock Spectral Acceleration for 
Frequencies Used in SDOF Study ........................... . 
Values of Design Soil Spectral Acceleration for 
Frequencies Used ~n SDOF Study ................. ~ ......... . 
Rock and Stiff Soil Ground Motions Corresponding to 
Symbols Used in Plots of Ductility Demands and 
Hysteretic Energy Dissipation ................•............ 
Deep Cohesionless Soil Ground Motions Corresponding 
to Symbols Used in Plots of Ductility Demands and 
Hysteretic Energy Dissipation ............................ . 
Input Frequencies and Spectral Accelerations for 
Derivation of Artificial Accelerogram .................... . 
Parameters Required for Damage Indexes of Test 
Page 
121 
122 
122 
123 
123 
124 
124 
125 
126 
127 
127 
128 
Specimens................................................. 129 
Results of Damage Indexes for Test Specimens ............. . 129 
Average Values of Moments of Inertia for Bridge 
Supers tructures .............................. 0 ••••••••••••• 130 
ix 
6. 1 Moments from Analyses of San Fernando Road Overhead ....... 
6.2 Moments from Analyses of Cedar Valley Overcrossing ........ 
6.3 Moments from Analyses of North - LA Connection ............ 
6.4 Moments from Analyses of San Simeon Creek Br idge .......... 
6.5 Properties of Bridges and Results of Static Design 
Analy ses ................................................. . 
6.6 Results of Inelastic Time History Analyses ............... . 
6.7 Results of Damage Index Calculations for Piers ........... . 
Page 
, 31 
131 
132 
132 
133 
134 
135 
...-
I ( 
r 
, 
1 
{ 
{-
I 
f 
[ 
.. 
I 
T 
J 
i 
r 
f 
t 
r 
[ 
( 
\ 
I 
L_ 
f 
r ;. 
J 
1 
J 
:J 
I 
1 
1 
I 
f 
1 
. .1 
! j 
. .J 
Figure 
2. 1 
2.2 
2.3 
2.4 
2.5 
2.6 
2.7 
2.8 
2.9 
2. 1 () 
2 •• • I ' 
2. 1 L 
2.13 
2. 1 l.j 
2.15 
x 
LIST OF FIGURES 
Design and Average Computed Response Spectra for Rock 
and Stiff Soil Sites ..................................... . 
Design and Average Computed Response Spectra for Deep 
Cohesionless Soil Sites ...................•............... 
Adjustment of Response Modification Factors with 
Period for CalTrans Design Code .......................... . 
Average Spectral Acceleration for Normalized Rock 
Records .................................................. . 
Average Spectral Acceleration for Normalized Soil 
Records .................................................. . 
DU2::~::Y Demand for 8 Rock Ground Motions Designed 
by Ca.: :-ra.'1s Spectrum and R = 4 ••.••••••..••••••••.••.••••• 
s .... :::: ::y Demand for 8 Rock Ground Motions Designed 
ty ~7:-6 Spectrum and R = 4 .............................. . 
~-::.~::y Demand for 8 Rock Ground Motions Designed 
ty :~:7~ans Spectrum and R = 8 ........................... . 
:~::.:::y Demand for 8 Rock Ground Motions Designed 
::. t:- = - ':: S pee t rum an d R = 8 .............................. . 
· ... :~ ~ernand for 8 Soil Ground Motions Designed 
~. - .. 7-a~s Spectrum and R = 4 ........................... . 
· .. '. =t~and for 8 Soil Ground Motions Designed 
. ", . =; &:: 2: ru m and R = 4 .............................. . 
.', :'t.~~.and for 8 Soil Ground Motions Designed 
. _ •. r.:, ::pectrum and R = 8 ........................... . 
. " :t::-.and for 8 Soil Ground Motions Designed 
, .;t":::rumandR=8 .............................. . 
· . _ .. ' :~~and for 8 Rock Ground Motions Designed 
t::. _ .. L~"'0.~.!;; Spectrum and R = 4 ........................... . 
DU2:l~::y Demand for 8 Rock Ground Motions Designed 
by ATC-6 Spectrum and R = 4 .............................. . 
Page 
137 
138 
139 
140 
140 
141 
1 41 
141 
141 
142 
142 
142 
142 
143 
143 
xi 
2. 16 Ductility Demand for 8 Rock Ground Motions Designed 
by CalTrans Spectrum and R = 8 .••••••....•.•••••...••••.•. 
2.17 Ductility Demand for 8 Rock Ground Motions Designed 
by ATC-6 Spectrum and R = 8 .............................. . 
2. 18 Ductility Demand for 8 Soil Ground Motions Designed 
by CalTrans Spectrum and R = 4 ........................... . 
2. 19 Ductility Demand for 8 Soil Ground Motions Designed 
by ATC-6 Spectrum and R = 4 .............................. . 
2.20 Ductility Demand for 8 Soil Ground Motions Designed 
by CalTrans Spectrum and R = 8 ........................... . 
2.21 Ductility Demand for 8 Soil Ground Motions Designed 
by ATC-6 Spectrum and R = 8 .............................. . 
2.22 Average Ductility Demand for 4 Rock Design Spectra 
Requirements and R = 4 .................. " ................. . 
2.23 Average Ductility Demand for 4 Rock Design Spectra 
Requ iremen ts and R = 8 ................................... . 
2.24 Average Ductility Demand for 4 Soil Design Spectra 
Requ irements and R = 4 ..............................•..... 
2.25 Average Ductility Demand for 4 Soil Design Spectra 
Requirements and R = 8 ................................... . 
2.26 Energy vs. Time for 2.0 Hz. Oscillator Subjected to 
Pac 0 i rna Da m. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .... 
2.27 Energy vs. Time for 8.0 Hz. Oscillator Subjected to 
Pacoima Darn .............................................. . 
2.28 Energy vs. Time for 2.0 Hz. Oscillator Subjected to 
El Centro ................................................ . 
2.29 Energy vs. Time for 8.0 Hz. Oscillator Subjected to 
El Centro ................................................ . 
2.30 Hysteretic Energy Dissipated for 8 Rock Ground Motions 
Designed by CalTrans Spectrum and R = 4 .................. . 
2.31 Hysteretic Energy Dissipated for 8 Rock Ground Motions 
Designed by ATC-6 Spectrum and R 4 ..................... . 
Page 
1 43 
143 
144 
144 
1 44 
144 
145 
145 
145 
145 
146 
146 
147 
147 
148 
1 48 
I 
t_ . 
r 
i 
r 
\.. 
! 
.' 
i 
r 
[ 
I 
r 
l 
[ 
r 
l 
;," , 
t.· 
J 
1 
\ 
J 
1 
1 
I 
I 
I 
J 
J 
f 
1 
; 
_1 
( 
__ 1 
1 j 
2.32 
2.33 
2.34 
2.35 
2.36 
2.37 
3. 1 
3.2 
3.3 
3.4 
3.5 
3.6 
3.7 
3.8 
3.9 
3.10 
xii 
Hysteretic Energy Dissipated for 8 Rock Ground Motions 
Designed by CalTrans Spectrum and R = 8 .....•............. 
Hysteretic Energy Dissipated for 8 Rock Ground Motions 
Designed by ATC-6 Spectrum and R 8 ..................... . 
Hysteretic Energy Dissipated for 8 Soil Ground Motions 
Designed by CalTrans Spectrum and R = 4 .................. . 
Hysteretic Energy Dissipated for 8 Soil Ground Motions 
Designed by ATC-6 Spectrum and R 4 ..................... . 
Hysteretic Energy Dissipated for 8 Soil Ground Motions 
Designed by CalTrans Spectrum and R = 8 .................. . 
Hysteretic Energy Dissipated for 8 Soil Ground Motions 
Designed by ATC-6 Spectrum and R 8 ..................... . 
General Form of Time Function Used to Define Overall 
Character of Ground Motion ............................... . 
Response Spectra for Artificial Accelerogram and Target 
Spectrum Showing Insufficient Number of Spectrum POints ... 
Normalized Ground Motion Intensities for 3 Values of 
Time Function and 3 Strong Motion Records ................ . 
Ground Motions for Final Form of Artificial Accelerogram .. 
Response Spectra for Artificial Accelerogram and Target 
Spectrum ................................................. . 
Ductility Demand for Artificial Accelerogram and 8 Rock 
Ground Motions Designed by ATC-6 Spectrum and R = 4 .•..... 
Ductility Demand for Artificial Accelerograrn and 8 Rock 
Ground Motions Designed by ATC-6 Spectrum and R = 8 ...... . 
Ductility Demand for Artificial Accelerogram and 8 Rock 
Ground Motions Designed by ATC-6 Spectrum and R = 4 ...... . 
Ductility Demand for Artificial Accelerogram and 8 Rock 
Ground Motions Designed by ATC-6 Spectrum and R = 8 ....•.. 
Hysteretic Energy Dissipated for Artificial Accelero-
gram and 8 Rock Ground Motions Designed by ATC-6 
Spectrum and R = 4 ....................................... . 
Page 
148 
148 
149 
149 
149 
149 
150 
151 
152 
153 
154 
155 
155 
155 
155 
156 
3 . 11 
4. 1 
5. 1 
5.2 
5.3 
5.4 
5.5 
5.6 
5.7 
5.8 
xiii 
Hysteretic Energy Dissipated for Artificial Accelero-
gram and 8 Rock Ground Motions Designed by ATC-6 
Spectrum and R = 8 ....................................... . 
Calculated Damage Index vs. Observed Seismic Damage ...... . 
Stress-Strain Relationships for Confined and Unconfined 
Concret e ................................................. . 
Stress-Strain Relationships for Reinforcing Steel ........ . 
Calculated and Idealized Moment-Curvature Relationship 
for Pier ................................................. . 
Illustration of Procedure to Calculate Bond Slip 
Rotation ................................................. . 
Moment-Bo:;c Slip Rotation Relationship ................... . 
De form~ ~ Sr ~;; ~ 0 f Member wi thou tEnd Tr ans la t ion ......... . 
Calcu:a:::~ :f Fixed End Moment and Free End Displace-
ment a:;: P::a:ion of Unit Length Cantilever Due to 
Ine:c.~:: ~ :·""" ..... ·,-/oture ... II ••••••••••••••••••••••••••••••••• ,. It 
$:iea""' _=--,:1'-': .... b ~odel ............................ 0 0 0 0.0 •••• 
5.9 ~;a:":~~,_~-.,,· .-:"-, of ~10ments and Rotations Due to Rigid 
5.10 
50 11 
5.12 
5.13 
5.14 
5.15 
5.16 
=-,..... ...... 
........ __ ••• ,." ".· •••••••••••• e" •••••••••••••••••••••••••••••••• 
D'2~',~~-·= ,",," :;f ~1ember with End Translation ............ . 
.-~~~ for Pier Element ...................... . 
,.' ... :h Weakened Base ........... o •••••••••••• 
~. €~J:;s and Moments for Element with 
, . " . :.:..- "": f-J r Pi 1 e .............................. . 
T:,·;:: :, -.:... . ~ F·. .J.. ~Jad De flection Curve for a Pi Ie ........ . 
Sche~a:.: _~ ~:Ce: to Calculate Horizontal Load-
Deflec:::~ a~: Moment-Rotation Relationship of Pile 
Head .................... 0 •••••• 0 ••• 0 •••••••••• 0 0 0 ••••••••• 
Page 
156 
157 
158 
158 
159 
160 
160 
161 
161 
162 
162 
163 
163 
164 
164 
165 
165 
166 
I 
r 
[ 
t, 
I 
i 
r 
r 
C. 
I 
i 
'-
t. 
xiv 
1 
Page 
5. 17 Typical Variation of Horizontal Soil Resistance with 
Depth ..................................................... 166 
_"I 5.18 Degrees-of-Freedom for Deck Element in Transverse 
Direction................................................. 167 
1 5.19 
I 
Degrees-of-Freedom for Deck Element in Longitudinal 
Direction................................................. 167 
J 
5.20 Correction of Forces to Follow Force Deformation 
ReI a t ion sh i p. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . 1 6 8 
"j 5.21 Shear Forces in Pier Due to Gravity Loads... .......... .... 168 
5.22 Comparison of Calculated and Measured Load-Deflection 
I ;. , 
- . ' 
Relationship. ...................... ............. ..... ..... 169 
San Fernando Road Overhead Details........................ 170 
1 c.2 Cedar Valley Overcrossing Details.. ... ......... .... ....... 171 
t .3 North - LA Connection Details...... .......... ..... ........ 172 
1 6.4 San Simeon Creek Bridge Details. .......................... 173 
J 
t.5 
t.t 
~o 1 Ur.ll1 Damage to San Fernando Road Overhead............... 174 
-Cor-figuration of Hypothetical Bridge. .... ................. 174 
~~] ~ '-' . DImensions of Piers of Hypothetical Bridge... ............. 175 
-: . ~ S~a:ic Load-Deflection Relationships of Piers with and 
""1 
~ithout Foundation Flexibility........ ................ .... 176 
;.. . ~ys:eresis Rules for SDOF Analyses. ............. ....... ... 179 
.. , , 
-" .. j Ceometry of Member Due to Inelastic Curvature............. 185 
c. , Sina Hysteresis Rules..................................... 189 
1 
;I 
1 
\ 
-1 
i 
.J 
f 
J 
. 
r i· 
I 
r 
[ 
I 
f. 
r· 
l. 
r 
{ 
l 
L 
t 
j } 
I 
J 
I 
1 
1 
) 
1 
i 
f 
.. 
J 
J 
( 
J 
.J 
j 
1 
CHAPTER 1 
INTRODUCTION 
1 • 1 Background and Motivation 
Prior to the 1971 San. Fernando earthquake relati vely Ii t tie struc-
tural damage had occurred to bridges during earthquakes as a direct 
result of vibrational effects. The majority of bridge failures prior to 
1971 had occurred to bridges in Japan (9) although significant damage to 
bridges did occur at other sites around the world, most notably during 
the Alaskan earthquake of 1964 and the Madang, New Guinea earthquake of 
, 970 (31). Most of the failures of bridges during previous earthquakes 
could be attributed to one of the following causes: 1) tilting, settle-
ment, sliding, cracking and overturning of the substructures; 2) relative 
displacement of girders at supports and anchor bolt failures that 
resulted in "loss-of-span" at the piers and abutments; and 3) settlement 
of approach fills and failures of wingwalls at abutments. 
During the 1971 San Fernando earthquake 62 bridges in the epicentral 
region of the earthquake were damaged. Of these 15 suffered total or 
partial collapse and 31 suffered major damage (10). The damage to many 
bridges was different than what had occurred to bridges during previous 
earthquakes in that the damage could be directly attributed to structural 
failures of the bridge. In assessing the damage done to bridges during 
the earthquake (13,31), several deficiencies in the design were believed 
to play maj or roles in the causes of the damage. Some of the key pro-
visions in the bridge code at the time that were considered to have 
contributed to the failures included: 1) lack of restraint of the girders 
2 
or too small of a seat width at expansion joints to prevent the IIloss-
of-span!l due to relative displacement effects; 2) lack of adequate trans-
verse reinforcement to. provide shear resistance or confinement of the 
concrete; 3) inadequate number of reinforcing bars tieing column caps 
into box girder bridge decks; 4) inadequate anchorage length of the rein-
forcing bars at the base of the columns; and 5) inadequacy of abutments 
and wingwalls to resist the seismic forces that were transferred to them. 
Many of the problems in the design were studied by a research pro-
gram ini:iated at the University of California, Berkeley, shortly after 
the San Fernando earthquake (4,5,27,31,34,65,67). In the first part of 
the s t.l..iCj: I· ... asak i, Penz ien and Clough (31) compi led a Ii tera ture survey 
of brIcges that had failed during earthquakes prior to and including San 
FernanCJ, ar.c discussed the reasons for the failures. The authors also 
compare:1 t:--le va,:, ious se ismic bridge codes in effect at the time around 
the \.Jor: C . Tseng and Penzien (65), Williams and Godden (67), and 
Kawasr.::"':2 ar.: Penzien (34) used experimental and analytical models of 
a hig~, :..:rv·:=.":: bridge that failed during the earthquake to study the 
reasor.~ r -. r .:. :. 5 co 11 apse. The results were used to suggest improved 
details r --' ...... :ne restraint of expansion jOints, improve the location of 
e x pan s : cr. J:;: r: :. s re la t i ve to the co lumns , and improve the deta il ing 
require~e~:.s .:.n columns to provide confinement in regions where inelastic 
behaVIJr "'J~:: be expected. The linear and nonlinear behavior of short 
stiff brlcges interacting with the backfill was studied by Chen and 
Penzien (Li t 5). .ltnalytical models were used to study the response of a 
3 span skewed highway bridge to an artificial ground mot ion in the 
longitudinal direction. Imbsen, Nutt, and Penzien (27) compared the 
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response of 3 highway bridges using linear and nonlinear time h·istory, 
and response spectrum analyses, in order to evaluate changes in the 
seismic design specifications intended to provide reinforced concrete 
highway bridges with adequate protection against future earthquakes. The 
research provided recommendations to improve the seismic design of 
bridges using response spectrum techniques as well as to determine the 
magnitude of forces that would be expected on various parts of a bridge 
during nonlinear response. 
The impact of the preceding research studies is seen in the develop-
ment of improved seismic codes for bridges since the San Fernando earth-
quake as explained in the next section. However, several areas of 
research were recommended for further study by Imbsen, Nutt and Penzien 
(27) on the inelastic analysis of reinforced concrete highway bridges. 
These include the effects of stiffness degradation and energy absorption 
of reinforced concrete piers on the overall response of a bridge and the 
damage poten t ial of an earthquake on a br idge . These prob lems were 
investigated as part of the current study. 
Prior to 1971 bridges in the United States were designed against 
earthquake motions by codes based on the lateral force requirements that 
the Structural Engineers Association of California had developed for 
buildings (26). At the time of the San Fernando earthquake the maximum 
seismic lateral design force used by the California State Division of 
Highways was 13 percent of the dead load of the bridge (26). For bridges 
outside California, seismic design forces were determined by multiplying 
the dead load of the bridge times a factor from 0.02-0.06 depending on 
the foundation and soil type (61). 
4 
Because of the numerous failures of bridges during the San Fernando 
earthquake, it was evident that the bridge codes in use at the time were 
inadequate. Immediately following the San Fernando earthquake the 
California State Division of Highways adopted new interim criteria for 
earthquake resistant design which increased the lateral design forces 
2.0-2.5 times those required in the previous specifications (26). 
In 1973 the California Department of Transportation (CalTrans) 
adopted new seismic design criteria for bridges (14). The new code was 
an attempt to correct deficiencies in details, especially at connections, 
as well as develop a rational design criteria which considered the site 
dependent characteristics and vibrational properties of the bridge (14). 
Specifically included in the criteria were factors that affect the 
response of a bridge to seismic forces. This included: 1) location of 
the si te relati ve to acti ve faults; 2) the effect of a maximum credible 
event from an active fault; 3) the effect of overlying soils at a site on 
seismic motions; 4) the dynamic response of the bridge to ground motions; 
and 5) the reduction in force level for ductility and risk considerations 
(14). In 1975 AASHTO adopted the CalTrctns specifications and required 
the ir use in all reg ions of the Un i ted States (6). In 1978 Cal Trans 
changed its criteria to include ductility and risk factors on a component 
basis rather than on the overall structure (26). 
In 1977 the Federal Highway Administration contracted the Applied 
Technology Council (ATC) to evaluate the current research studies related 
to highway bridges and recommend new seismic guidelines for highway 
bridges. The results of the ATC study were published in 1981 under the 
title, "Seismic Design Guidelines for Highway Bridges," which is referred 
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to as ATC-6. The provisions were similar to the CalTrans guidelines in 
that bridges were to be des igned to res is t large earthquakes inelas-
tically and the design forces depended on the site dependent characteris-
ti cs and vibrational properties of the bridge (60). In addition, four 
new concepts were introduced in the ATC-6 gu ide 1 ines tha t were not 
accounte d for in the Cal Trans spec if ications. First, minimum support 
lengths were required at hinges, columns and abutments to prevent Tlloss 
of spanTl failures that had occurred during previous earthquakes. Second, 
member forces were calculated to account for directional uncertainty of 
earthquake motions and simultaneous occurrence of earthquake forces in 
two perpendicular directions. Third, design reqUirements for foundations 
were intended to minimize foundation damage that is not readily detect-
able. Fourth, in order that the guidelines could be applied to all parts 
of the country, four different seismic performance catagories were speci-
fied that permit variation in the design requirements and analysis 
methods in accordance with the seismic risk associated with a particular 
br idge location. In 1983 AASHTO adopted the provisions of the ATC-6 
specifications as a guideline specification (18). 
Conceptually, both the CaITrans and ATC-6 specifications employ a 
Tlforce design" methodology and a design philosophy that large earthquakes 
are to be resisted by inelastic behavior. The inelastic force design 
concept can be stated as follows: for a structure that is des igned to 
yield at a force level that is less than the maximum elastic force gener-
ated by an earthquake, the maximum inelastic displacement will be approx-
imate ly the same as if the structure rema ined e last ic. Or in other words, 
the expected displacemen t ducti Ii ty demand should be approxima tely the 
6 
same as the ratio of the elastic spectral design force to the yield 
force. 
Bridges should be designed to ensure that the inelastic behavior 
occurs in flexure in the columns and not in the foundations or connec-
tions. In both specifications design moments in the columns are 
determined by dividing the forces obtained from an elastic analysis by 
the expected ductility or response modification factor, R, which is 
greater than one. There are two procedures used to calculate the design 
shears and connection forces. First, forces determined from an elastic 
analysis are divided by a factor less than or equal to one. Secondly, 
forces are determined from a collapse mechanism analysis of the columns 
with the plastic moment assumed to be 1.3 times the yield moment. The 
smaller forces resulting from the two procedures is used for design. 
The displacement ductility is most often used to associate the 
response of a pier to the overall destructiveness of an earthquake. How-
ever, the mechanisms of damage caused by the cyclic response of rein-
forced concrete bridge piers to ground motion are not well understood. 
Using ductility alone to evaluate the structural capacity of a pier 
ignores time history variations of the response and often does not corre-
late with the amount of damage that occurs during an earthquake. Obvi-
ously a pier that is subj.:::>cted to several stress reversals at a given 
ductility will experience more damage than a single excursion to the same 
level of ductility. Therefore, a better way to evaluate the performance 
of reinforced concrete members is to include information on both the 
maximum displacement and loading history or hysteretic energy absorbed 
(1,17,24,68,47). This will allow a better evaluation of the effects of 
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cyclic loading on the deterioration of the load carrying capacity of a 
pier. 
1.2 Purpose of Study 
The purpose of this study is to evaluate the current methods used in 
the design of reinforced concrete highway bridges and to determine the 
implications of the design assumptions on the seismic performance of the 
bridges. The inelastic time history response of single-degree-of-freedom 
(SDOF) oscillators and of finite element models of bridges are used to 
evaluate the behavior of bridges during earthquakes. Ground motion inputs 
for the SD:)::- .:..;-;:=.:yses consists of accelerograms recorded at rock and soil 
sites fo; \''::';::; ... 05 earthquake~ while an artificial accelerogram is derived 
for ust: 2.5 : ...... : E:--:;;.;nd motion input for the bridge models. The expected 
damage :.: ~~ ~ :~~.~- ~ 2ers are estimated using the results of the inelastic 
time n~~::~~ ~~c_yses as input in an empirical equation used to calculate 
--
a "da~,c~'" :~:> )' .... ·:--.lch is based on tests of reinforced concrete members. 
-, ::ridges designed for si tes in California by design 
and after the San Fernando earthquake are evaluated 
for E~ ,~- ~:~;esponding to up to a O.7g effective peak acceler-
at :c·~, : .. -r ::-illally, a parameter study is performed on the 
des:'i' " .. Dridge to determine the implications of var ious 
des 1 E~ - ,_ design criteria on the inelastic response of the 
bria£o::-~ ~evel earthquake. 
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CHAPTER 2 
INELASTIC RESPONSE OF SINGLE-DEGREE-OF-FREEDOM 
OSCILLATORS TO GROUND MOTIONS 
2.1 Introduction 
In this chapter the basic assumptions underlying the inelastic force 
design method are evaluated by determining the inelastic time history 
response of SDOF oscillators that were designed using this method. The 
yield forces in the oscillators were determined by dividing the elastic 
forces determined from either the ATC-6 design rock, ATC-6 design soil, 
CalTrans soil, or CalTrans rock spectrum by a response modification 
factor corresponding to an expected ductili ty of 2, 4, 6, or 8. The 
oscillators were then subjected to a suite of earthquakes scaled to the 
level of the elastic design spectrum. The calculated ductility demand 
and hysteretic energies are compared to the expected values. 
In the initial sections of this chapter a discussion of the develop-
ment of the elastic response spectra and response modification factors 
used by Cal Trans and ATC-6 is gi ven. Equations used to analyze a SDOF 
oscillator subjected to a ground motion, and evaluate the energies of a 
dynamic system, are then developed. Also, procedures to scale a group of 
earthquake accelerograms to the same "intensi ty" or "level of shaking" 
are discussed and evaluated. Finally, the role of hysteretic energy in 
the inelastic response of a structure is examined. 
2.2 Background 
The reduction in lateral force coefficients used for design to 
account for inelastic behavior has been used for some time (66). Older 
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J 
bridge specifications accounted for this effect implicitly by specifying 
J design lateral force coeffic ients tha t were much lower than the forces 
J 
that would be expected if the bridge remained elastic. The modern ATC-6 
and CalTrans guidelines account for the reduction in design moments 
calculated for the piers by .dividing the expected elastic moments by a 
response modification factor. 
The actual forces and moments in a bridge subjected to ground motion 
} where inelastic behavior occurs can only be estimated by a dynamic time history analysis. However, since requiring inelastic time history 
J analyses for the design of all bridges would be costly, the approximate 
methods afforded by the response spectrum approach is deemed appropriate 
I for most cases. 
J 
Assumptions of inelastic behavior based on elastic design methods 
are based on inelastic time history analyses performed on SDOF oscilla-
J tors. Single-degree-of-freedom systems permit a relatively large number 
of ground motions and structural parameters to be evaluated at a reason-
] able cost. Most research studies on inelastic SDOF oscillators have 
focused on one of two methods to evaluate the inelastic response from an 
elastic response spectrum. Some researchers, most notably Newmark, Hall 
1 and their co-workers, have developed methods for establishing an inelas-tic response spectrum using elastic parameters and ductility levels (39, 
52,66,68). Others have proposed an equivalent elastic period and damping 
values for the inelastic structure to use in conjunction with an elastic 
spectrum to determine inelastic response (19,29,30). 
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2.3 Derivation of Elastic Design Spectrum 
The bas is for modal analys is in the des ign of structures is the 
elastic response spectrum. After the San Fernando earthquake Cal Trans 
developed its own smoothed elastic design response spectrum for use on 
bridges built in California (14). A reference normalized rock spectrum ! 
was computed using five accelerograms recorded on rock sites. The five 
f 
records used in the derivation were: 1) Castaic (San Fernando, 1971); f 
2) Lake Hughes No.4 (San Fernando, 1971); 3) Pacoima Dam (San Fernando, 
1971); 4) Temblor (Parkfield, 1966); and 5) Golden Gate (San Francisco, 
1955). The normalized rock spectrum was computed by adjusting the time 
scales of each of ~he records to obtain predominant periods of 0.2, 0.4, 
0.5, and 0.6 522. :~€ design spectrum was derived by drawing a smoothed I 
average curve ~;.;::::~g~ the spectra computed for 5 percent damping. The 
resulting de5lg~ s~~:t;um is shown in Fig. 2.1. 
The no;:::~ ~. ::>:-: s~ectrum used in ATC-6 is based on statistical l 
studies of :-es:::-~:,\·· s;:o:>ctra performed by various researchers (2,38,41, 
59). The e~~\!·. ~> ~ ~;, ~~g the ATC-6 design spectrum is written as: l 
(2. 1 ) 
where: 
A is ;ea~ acceleration at a site; and l 
, ~~e bridge. 
Based on the st:.J~~-::!' c~ response spectra from actual ground motions, the 
decrease in SA with period should falloff as a factor of liT for longer 
per iods. However, it was decided to increase the acceleration in the 
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long period region because of concerns about stability and increased duc-
tility requirements in the piers associated with the inelastic response 
of longer period structures. Therefore, the spectral acceleration 
decreases in proportion to T2/3 and a factor of safety of 50 percent for 
bridges with periods of 2 sec. was built into the design spectrum. The 
factor of safety decreases as the period decreases. At short periods the 
spectral acceleration remains at a constant value of 2.5 A while the 
average response spectrum from recorded earthquakes drops off. This adds 
anot.her factor of safety to the design spectrum in the short per iod 
re g ion that compensates for the increase in ducti li ty demand for short 
per:od structures. 
7he va lues 0 f peak effe cti ve acce lerat ion at a si te for the Ca 1 Tr ans 
spe21!'lcatio:1s are based on studies of known active faults and attenua-
t~o~ re!ationships (26). For ATC-6, studies of Effective Peak-Velocity-
Relote~ acceleration, which is considered as a normalizing parameter for 
CC~5:r~ctlon of smoothed ~lastic response spectrum, is used to define A 
( 6(> , • Values of A for design are determined from contour maps of A. 
Sl~N? ~t";e CGntour maps for A are based on a limited number of ground 
rnc::c~s. the risk associated with the design spectra cannot be determined 
prec:sely. However, it is estimated that the probability of not exceed-
irig t~e spect.ral acceleration of the ATC-6 design spectrum in a 50 year 
retur;. perloC is on the order of 80-95 percent (60). The CalTrans design 
spectrum, ATC-6 rock and stiff soil spectrum, ATC-6 design spectrum, and 
the rock and stiff soil spectrum computed by Seed, et ale (59) are shown 
in Fig. 2. 1 . 
12 
The normalized design rock spectra must be modified to account for 
the type and depth of soil at a site. CalTrans used the computer program 
SHAKE (58), which analyses a one dimensional soil column for ground 
motions propagating from the rock level to the top of the column, to com-
pare the spectral ratio between the computed surface motions and input 
rock motions for soil columns consisting of compact and dense granular 
soils predominantly found in California. The result are curves that mod-
ify the input rock spectrum as a function of the magnitude of the input 
rock spectrum, depth of soil to "rock-like" material, and period of the 
structure. The CalTrans design response spectrum for deep cohesionless 
soil sites is shown in Fig. 2.2. 
The ATC- 6 spectra for so il si tes are der i ved from the same studies 
used in der i v ing the rock spectrum (2,38,41 ,59). So il spectra are der i ved 
for two soil conditions which can be categorized approximately as type 
II, for stiff clay and deep cohesionless soils and, type III, for medium-
st i ff clay s and sands. Modifications to the design rock spectrum for 
type II soils are made by increasing the spectral acceleration by a con-
stant value of 1.2 while maintaining the maximum spectral acceleration. 
For type III soils, the spectral accelerations are increased by a value 
of 1.5 while decreasing the maximum spectral acceleration to a value of 
2.0 A. The ATC-6 design spectrum and the average response spectrum given 
in ATC-6 for type II soils is shown in Fig. 2.2. 
2.4 Response Modification Factors 
The response modification factors are used to modify the bridge 
member and connection forces which are computed using the elastic design 
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response spectrum to the values that are actually used for design. These 
factors are based on ductility and risk considerations. Currently 
calTrans uses a response modification factor of 3 for single column rein-
forced concrete piers and 4 for multiple column bents. In addition, a 
period-dependent risk factor is included in the calTrans response modifi-
cation factors for the piers to account for increased stability of low 
period bridges that exhibited a degree of success in the San Fernando 
earthquake (26). The risk factor increases the response modification 
factor by a factor of 2 for bridges with a fundamental period of 0.6 sec. 
or less and decreases linearly to 1.0 for bridges with a fundamental 
period of 3.0 sec. A plot of the CalTrans response modification factors 
for the· piers is shown in Fi g. 2.3. The ATC-6 guidelines specify a 
response modification factor of 5 for reinforced concrete multiple column 
bents and 3 for single column bents. There is no corresponding risk 
reduction factor in ATC-6. For the connections of the piers to the deck 
or foundation, or the deck to the abutment, the response modification 
factors for the shear forces are less than or equal to one. There fore, 
the connection design forces are the maximum or larger than maximum 
forces from an elastic analysis. The response modification factors in 
ATC-6 are shown in Table 2.1. 
2.5 Analysis Procedure for SDOF Oscillators 
In the following sections the analysis techniques used to analyze 
the inelastic response of SDOF oscillators are described. The inelastic 
time history response of a SDOF oscillator is solved using an incremental 
solution technique. The energies associated with a dynamic system, 
14 
namely the input, kinetic, strain and hysteretic, and damping energies, 
are calculated from the response quantities. 
2.5.1 Integration of Equations of Motion for SDOF Systems 
The equations of motion for a SDOF oscillator subjected to a ground 
excitation can be written: 
M Vet) + C Vet) + R(V) - M yet) (2.2) 
where: 
M : mass of structure; 
C = damping coefficient; 
Y = ground acceleration; 
U = relative displacement of mass with respect to ground; and 
R(U) restoring force of structure. 
Dots ov~r ~\:; denote differentiation with respect to time. 
~~~ ~~1::31 undamped circular frequency, w, and fraction of critical 
dampl:-l/~~' 2,::.:e glver. by: 
(2.3) 
5 c -2w~ (2.4) 
where K is :he initial elastic stiffness of an oscillator. 
The natural frequency, f, and period, T, are related to w as follows: 
w = 2rrf 2rr T (2.5) 
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For this study the mass is assumed to be equal to unity and, S is 
constant throughout the analysis. Therefore Eq. 2.2 may be rewritten: 
O(t) + 2Sw U(t) + R(U) - yet) (2.6) 
In incremental form Eq. 2.6 may be written: 
.. 
~U + 2Sw ~U + K(t) ~U 
where K(t) is the stiffness of the structure at any time t. 
It is assumed that K is constant during a time step. 
A step by step numerical integration procedure in the time domain is 
used to solve the incremental equations of motion. The procedure used is 
Newmark's beta method (42) with a beta equal to 1/4 which corresponds to 
a constant acceleration over a time interval. The incremental velocity 
and displacement over a short time interval, ~t, may be written: 
~U UCt) ~t ~U ~t + 2 (2.8) 
~U u(t) 6t U(t) ~t2 + ~u ~t 2 + 
""""2 -4- (2.9) 
Since vCt) and uCt) are known at any time t, ~U and 6U can be expressed 
in terms of 6U, namely: 
4 6U 4 uCt) 2 uCt) 6U -- - -~t2 6t (2.10) 
6U 2 6U - 2 uCt) 6t (2.11) 
16 
Sub s tit uti n g E q s. 2. 1 0 and 2. 11 into Eq. 2.7 yields an equation of the 
form: 
A(t) llU 
where: 
A(t) 
and 
B(t) 
B(t) 
K( t) + 4 Bw 
flt 
4 U (t) 
+ 2 Vet) - flY + 2 Bw U(t) flt 
(2.12) 
(2.13) 
(2.14) 
Equation 2.12 can be solved for flU and substituted in Eqs. 2.10 and 2.11 
. --
to solve for flU and flU. Total response values are then obtained for the 
displacement, velocity, and acceleration. 
The time step used in the analysis is the smaller of the digitized 
time interval of the ground motion or 1/20 of the undamped period~f the 
oscillator. If the digitized time interval of 0.02 sec. is greater than 
T/20, the time interval is divided into equal increments until the time 
step is less than T/20 and linear interpolation is used between the known 
values at the digitized time steps. 
Both the ATC-6 and CalTrans spectra are based on 5 percent damping. 
Therefore, damping of 5 percent was used in the analysis of the SDOF 
oscillators. 
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2.5.2 Procedure to Calculate Energies of Dynamic System 
When a structure deforms under load, energy is imparted to it. Fund-
amental to this is the fact that all energy imparted to a structure must 
be absorbed or diss ipated. For a dynamic system subject to a ground 
exqitation, four types of energy are important. Input energy, EI , is the 
energy imparted to a structure and is equal to the integral over the 
displacement of the mass times the acceleration. Kinetic energy, EK, is 
the product of the mass, divided by two, times the velocity squared at 
any time minus the initial velocity squared. The energy dissipated by 
damping, ED' is the integral over time of the damping force times the 
velocity. The sum of the strain plus hysteretic energies, ES + E
H
, is 
the integral over time of the resistance times the velocity. For an 
elastic system hysteretic energy equals zero. 
In equation form: 
(2.15) 
where 
Ju M Y(t)dU (2.16) 
o 
(2.17) 
ft 2 c VCt) dt (2.18) 
o 
EH+ES It R(U) U(t)dt 
o 
Equation 2.16 can be rewritten: 
It M yet) U(t)dt 
o 
18 
(2.19) 
(2. 20) 
By writing expressions for U(t) and Vet) within a time interval, 
incremental expressions for Eqs. 2.16-2.18 can be written in terms of ~u, 
. 
~u, and ~U. The expressions for the incremental energies for unit mass, 
damping equal to a constant, and zero initial velocity are as follows: 
.. 
2 Sw(V(t)2~t + (V(t) vet) + u(t) ~U) ~t2 
3 
+ 
+ (V(t)2 + 
3 
~u vet) 
4 
(R(t) ~u ~ vet) vet) + ~t 2 K (t) ) ~t 3 -+ 3 
vet) ~v) 1 5 .. ··2 K ~t4 .. ~) + - + 60 u(t) ~u + ~t 3 4 72 
- (V(t) + ~:)(V(t) ~t + ((y~t) + ~y) vet) 
3 
(2.21 ) 
.. 2 
((~ 2 
(2.22) 
(2.23) 
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and finally 
(2.24) 
and 
(2.25 ) 
2.5.3 Hysteresis Models Used 
J The hysteretic behavior of reinforced concrete members is a function 
I 
1 
-j 
i 
I 
I 
j 
of many variables. Several studies have been made on the effect of dif-
ferent hysteresis models on the response of SDOF oscillators. Riddell 
and Newmark (52) found that for low frequenc ies (~ 0.1 Hz.) and high 
frequencies (~ 10.0 Hz.), the effect of the force deformation relation-
ship on the maximum response was small. For intermediate frequencies the 
maximum responses of stiffness degrading systems are between 0.5 and 1.5 
of those for elastoplastic systems. Iwan and Gates (30) found that 
differences in optimum effective linear parameters using different 
hysteresis relat ionships was small for moderate and large ductil ities. 
Saiidi and Sozen (56) compared the response of scale model reinforced 
concrete frames to analytical models with different hysteretic relation-
ships. A bilinear mode 1 gave poor correlation between exper imental and 
20 
t·· 
analytical results. However, a bilinear stiffness degrading model gave 
r 
reasonably close results. i 
Based on these studies a bilinear stiffness degrading hysteresis r 
I 
relationship was used for the SDOF analyses. A post yielding stiffness 
of 5 percent of the initial stiffness was used. Details of the model, 
which is known as the Q-Hyst model in Ref. 56, are given in Appendix A. 
It was stated previously that one of the assumptions used in inte-
gra t ing the equations of mot ion and ca lcula t ing energ ies was that the r-
st iffness dur ing a time step rema ined cons tant. Since the hysteres is 
model uses constant stiffness between breakpoints the only place the 
stiffness can change is at the breakpoints. Therefore, a procedure is 
used to reduce the time step at the changes in stiffness so that the I 
force deformation curve can accurately follow the hysteresis curves. The r procedure is as follows: If the incremental force takes the total force 
past a change in stiffness, the new total force is compared to the force [ 
at the breakpoint. If the difference is wi thin a specified tolerance, 
incremental forces and displacements are added to the total and the I 
solution continues. If the difference is greater than the tolerance, the 
solution is not updated and the analysis returns to the previous time 
step. The so lut ion proceeds from the prev ious time step at a new time 
interval 1/10 of the previous time interval. When the force exceeds the 
force at the breakpoint the tolerance is again checked and if the t _ 
difference is still too large the solution returns to the last time step [ 
and divides the time interval by 10 (1/100 to original time interval). 
This process is repeated until the difference in forces at the breakpoint 
is less than the tolerance. The remainder of the time interval is then 
1 21 
calculated with the new stiffness and the solution proceeds with the 
original time interval. 
] 
2.6 Earthquake Ground Motions Used in Analysis 
1 The time history analyses for the SDOF osc illators are calculated 
for 8 rock and stiff soil and 8 deep cohesionless soil records. The 
records used in the study are listed in Tables 2.2 and 2.3. In order to 
) compare the response for all the ground motions, a scaling procedure was 
needed to normalize all the ground motions. Nau and Hall (39) studied 
I the scaling of ground motions wi th the objecti ve of finding procedures 
I 
that minimized the statistical differences between elastic and inelastic 
response spectra for different ground motions. The study concentrated on 
I finding scaling procedures that were most effective in different regions 
of a spectrum depending on whether the response was dominated by the dis-
I placement, velocity, or acceleration. The results indicated that scaling 
by response related quantities such as spectrum intensity gave less 
dispersion than scaling by peak ground motion parameters. 
J For th is study it was dec ide d that a si ng le sca ling proce dure for 
the en tire freq uency range would be best sui ted. Since the frequency 
f j range of interest of 1.0-10.0 Hz. fell in regions of the spectrum that 
are dominated by both the velocity and the acceleration, several scaling ] procedures were tried with the goal of minimizing the dispersion in the 
J maximum inelastic displacement. Four rock and stiff soil ground accelerations were used for the 
1 
J study. If the intensity of the unscaled earthquakes is characterized by 
the integral over time of the ground acceleration squared (25), the 
t 
1 
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ground mot ions represen ted the strongest (Pacoima Dam), weakest (Golden 
Gate), and two intermediate (El Centro and Castaic) intensities of the 
ensemble of ground motions. Four different scaling procedures were 
tried. They were: 1) peak ground velocity; 2) peak ground acceleration; 
3) average spectral acceleration from 3. O-B. 0 Hz.; and 4) integral of 
spectral velocity from 0.4-10.0 Hz. Procedures 3 and 4 can be defined in 
equation form as: 
f
B.O Hz. 
SA(f)df 
3.0 Hz. 
B.O - 3.0 
and 
(0.0 Hz. 
0.4 Hz. 
respect i ve 1 y. 
Where: 
SA(f) ~s 
SV (f) ~.5 
tf" ' i'f.:. 
.. 
:~ "' ... 
~ ... I-
. , 
-
~;~ 
: ... 
~ •. - eo-
(2.26 ) 
(2.27 ) 
::-al pseudo acceleration; 
~,... a: pseudo ve loc i ty; and 
. 
j~ '.: y in Hertz. 
Procedures t: "-'''. 1 • :. ~."? integrals in Eqs. 2.26 and 2 e 27 can be found 
in Re f. 39. . .. '" :t'~ure 4 is a variation of Housner's definition 
of spectrum ~~.' ... ~ ~ . Po' The va I ues for each 0 f the four scal ing 
methods and ea::. ~- ... ~:.:: :notion are shown in Table 2.4. Also shown in 
Table 2.4 are the numbers used to actually scale each of the ground 
motions. The abso lu te scaling is se lected so as to make the average 
( 
I 
1 : 
I 
1 
I 
f 
it 
1 
1 
l. 
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spectral acceleration from 3.0-8.0 Hz. equal to 2.5g for the average of 
the four earthquakes. 
J A series of SDOF oscillators were subjected to the scaled earth-
quakes. The SDOF oscillators were designed to have initial frequencies 
1 of 1.0, 2.5, 5.0, and 8.0 Hz. Yield forces were determined by dividing 
1 the elastic response spectrum force from the ATC-6 rock and stiff soil 
.J 
spectrum by 4. The average ductility along with the standard deviation 
J and coefficient of variation of the four ground motions for the four 
scaling procedures and frequencies are shown in Table 2.5. By comparing 
the C. C. V. of the different scaling procedures, scaling the ground 
J mc:':O!'1S :,y procedure 4 gives the smallest dispersion over the entire freGue:;cy range. It was decided that this procedure, which for this study 
1 ~as ca:~ed the spectrum intensity, would be used to scale the 8 rock and 
s:lf~ soil and the 8 deep cohesionless soil records. 
f 
J :-~E' values of spectrum intensity used to scale the 8 rock and stiff 
1 SC';'~ ,"r-02k") and the 8 deep cohesionless soil ("soil") records are shown 
:.1 ir, 7a:::es 2.6 and 2.7. To scale the ensemble of ground motions to the 
e:2.s:::: ~es':gn spectrum, it was decided to make the average spectral 
aCCE :e"" c:: on from the ground mot ion spectrum and the desi gn spectrum the 
same 1:: :he region of constant spectral acceleration. Plots of the 
a ve:age spectra 1 acceleration for the scaled 8 rock and 8 soil records 
a:E sho ... ·:1 in Figs. 2.4 and 2.5. The average spectral acceleration for 
the rock records was taken as constant in the 3.0-8.0 Hz. frequency 
region while the soil records used a 1.5-6.0 Hz. frequency region. The 
average of the average spectral acceleration was computed for each 
region. This value was then used to scale the ground motions to the 
I 
! 
i 
-
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value of the average spectral acceleration in the same region of either 
the ATC-6 or CalTrans design spectra for rock or soil sites for 1.0g 
effective peak ground acceleration. The values used to scale the ground 
motions to either the ATC-6 or CalTrans spectra are shown in Tables 2.6 
and 2.7. 
2.7 Analysis of SDOF Oscillators 
SDOF oscillators were designed by the inelastic force design 
method using response modification factors of 2, 4, 6, and 8. In 
equation form: 
(2 . 28 ) 
where: 
yield force of the SDOF oscillator; 
FE elastic design force from the response spectrum; and 
R response modification factor. 
The va lues of FE used in the calcula tions for each of the desi gn 
spectra and the 16 frequencies between 1.0 and 10.0 Hz. are shown in 
Ta b Ie s 2.8 an d 2.9. The yie Id displacemen t, Uy ' was determined by 
dividing the yield force by the elastic stiffness, K, which was 
determined from the initial frequency and unit mass. 
The maximum ductility, ]..1, of each time history response was 
calculated by: 
f 
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(2.29) 
where UM = maximum relative displacement. 
Values of the average of ~ for the 8 rock and 8 soil ground motions using 
the ATC-6 and CalTrans spectra for R of 4 and 8 are shown by the solid 
lines in Figs. 2.6-2.13. Also shown in each plot by the dashed lines is 
the average plus or minus one standard deviation and the maximum and min-
imum ductility. The ground motion corresponding to each symbol is shown 
in Tables 2.10 and 2.ii. Similar plots were obtained for D ~~ ') n Vl. c:... and 6. 
These results clearly indicate that the ductility demand for the 
higher frequency oscillators is greater than expected. The increase in 
ductili ty in the high frequency regions was recognized previously by 
Newmark (40). In the acceleration region of the spectrum Newmark recom-
* mends using a modified" response modification factor, R , of the form: 
* R 12~ - 1 
and a yield force of 
to achieve the desired displacement ductility, ~. 
(2.30) 
(2.31 ) 
To evaluate this modification, all of the SDOF oscillators with an 
* initial frequency of 3.0 Hz. and above were redesigned using R for ~ = 
2, 4, 6, and 8. Plots of the displacement ductili ty for osc illators 
designed with ~ of 4 and 8 are shown in Figs. 2.14-2.21. 
26 
In order to present the results of all the analyses in a convenient 
form, smoothed curves were drawn through the average of the ductilities 
for each R value. Each plot shown in Figs. 2.22-2.25 contains four curves 
corresponding to the ATC-6 or CalTrans spectr.um and the two forms of the 
response modification parameter. 
2.8 Discussion of Results 
Based on the results of the inelastic analyses of SDOF oscillators, 
several interesting observations can be made on the inelastic force 
design method and the design spectra uSed by 1I'T'f'_r::.. ..., ..... ~ .I1..I.v v CUiU f'...., 1 .,...,......,,..,c vo...L..1.1 o..Llt.J. The 
response of the oscillators to the rock and stiff soil ground motions 
will be d:scussed first and the discussion of the response to the soil 
ground mo:~ons follows. 
Fl;S:, for frequencies less than 3.0 Hz., the average displacement 
ductillty :s less than the R value used in the design. This is regard-
less c!' :~>:" a2tual value of R and true for both the ATC-6 and CalTrans 
spect;3. Se::;ond, for frequencies greater than 3.0 Hz., the use of 
Eq. 2.2~ g:~es average displacement ductilities greater than the R value. 
The inC;€dSe is especially significant for R values of 4 or greater and 
the Ca:T:ans spec:;um although it is also true for the ATC-6 spectrum. 
* Third, the use of R above 3.0 Hz. decreases the average displacement 
ductility to below the expected ductility for the CalTrans spectrum up to 
approximately 6.0 Hz. and up to approximately 8.0 Hz. for the ATC-6 
spectrum. 
The above mentioned results are not unexpected if one considers the 
form of the design response spectra for ATC-6 and Cal Trans. Shown in 
."" t 
1 
r 
.( 
1 
1. 
r 
l 
( 
\ 
L 
J 
1 
I 
J 
) 
1 
, 
J 
J 
I 
I 
I 
I 
] 
-1 
. 
j 
1 
J 
_J 
27 
Fig. 2.1 are the ATC-6 and CalTrans design spectra plotted with the 
average spectra from rock and stiff soil sites. Above a 0.5 sec. period 
both the ATC-6 and Cal Trans spectra are greater than the average rock 
and stiff soil spectra. It was stated previously that during the deriva-
tion of the ATC-6 design spectrum it was decided that the design spectrum 
should be 50 percent greater than the elastic spectrum at a per iod of 
2 sec. and that the difference should gradually decrease as the period 
decreases. The differences in the high frequency response between ATC-6 
and Cal Trans can be explained by comparing the design spectra for periods 
less than 0.2 sec. While the ATC-6 spectrum remains at a constant value 
of spect~al acceleration, the CalTrans spectrum drops off and follows the 
average spectrum. Thus for frequencies as high as 10.0 Hz. the ATC-6 
des ign spectrum can be as much as 30 percent greater than the cal Trans 
spectrum. The use of Eq. 2.28 wi th the Ca 1 Trans spectrum can lead to 
very high ductilities in_the high frequency regions. Therefore, it 
appears that present use of Eq. 2.28 and the design spectra for ATC-6 and 
Cal Trans gives conservative results in the low frequency region and 
unconservati ve results in the high frequency region in terms of actual 
expected displacement ductility in conjunction with the R value used in 
design. 
The response of the osc illators to the soil ground motions is 
slightly different than the response to the rock and stiff soil ground 
motions. First, for the oscillators designed by the ATC-6 response spec-
trum, the average displacement ductility is greater than the R value used 
in the design for all frequencies greater than 1.0 Hz. For oscillators 
des igned by the cal Trans spectrum, the ducti li ty demand is greater than 
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the R val ue for frequenc ies greater than 1.5 Hz. Second, even wi th the 
* use of R for oscillators with an initial frequency of 3.0 Hz. and above, 
the ductility is still greater than the R value used in the design. 
The reasons for these effects can be explained by cons ider ing the 
ATC-6 and Cal Trans des ign so il response spectrum and average so il re-
sponse spectrum given in ATC-6 shown in Fig. 2.2 and the plot of average 
spectral acceleration of the 8 scaled ground motions shvwn in Fig. 2.5. 
First, it is seen in Fig. 2.2 that in the 1.0-2.0 Hz. frequency range the 
average of the soil spectrum is greater than the ATC-6 design soil 
response spectrum. This means that in this frequency range the effective 
response modification factor for the ATC-6 design soil spectrum is larger 
than the value of R used. Thus, the ductility demands on the oscillators 
are greater than the value of R used in the design. Second, from Fig. 2.5 
it is seen that the region of constant spectral acceleration of the 8 
soil records begins at approximately 1.5 Hz. which is 1.0 to 1.5 Hz. less 
than the frequency where the region of constant spectral acceleration 
begins for the average of the 8 rock records. Therefore, the lowest fre-
* quency at which R should be used to achieve the desired displacement 
ductility is lower for the soil records than the rock records. The use 
of Eq. 2.28 with both the ATC-6 and CalTrans design soil spectra is 
unconservative with regard to the actual value of displacement ductility 
compared to the R value used in the design. This indicates that the 
design spectra used by CalTrans and ATC-6 for deep cohesionless soils is 
too low compared to the average recorded ground motions. This is veri-
fied in Fig. 2.2. In addition, . * If R is used to decrease the actua I 
displacement ductility, the lowest frequency it should be used at should 
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be 1.0 to 1.5 Hz. less than the lowest frequency that it is used for the 
rock spectrum. 
J 
2.9 Hysteretic Energy and Inelastic Response 
1 In order to determine why the ducti li ty demand increases for the 
J high frequency oscillators relative to the lower frequency oscillators, the energies dissipated during the response of two oscillators with 
I different· initial frequenc ies were studied. The input, hysteretic and 
strain, damping, and kinetic energies were plotted for the duration of 
I the excitation for 2.0 Hz. and 8.0 Hz. oscillators subjected to the 
I Pacoima Dam and El Centro ground motions. The oscillators were designed with R = 4 by the ATC-6 design rock and stiff soil spectrum and Eq. 2.28. 
I The plots are shown in Figs. 2.26-2.29. 
From the comparison of the relative energy dissipation of the 
I 2.0 Hz. and 8.0 Hz. osc'illators it appears that shortly after the start 
] of the most intense excitation, or where the input energy versus time is 
almost vertical, for the 8.0 Hz. oscillator most of the input energy is 
being dissipated by hysteretic energy and very little energy is being 
dissipated by damping or kinetic energies while for the 2.0 Hz. oscilla-
j tor some energy is being dissipated by damping and kinetic energy. Since 
the damping and kinetic energies are directly related to the relative 
velocity of the oscillator, at the start of the most intense excitation 
for the higher frequency oscillators, the velocity does not respond quick 
enough to dissipate damping and kinetic energy. Therefore, in order to 
dissipate the input energy, the hysteretic energy must increase as 
quickly as the input energy. This is accomplished by a large increase in 
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displacement and a corresponding increase in the ductility demand 
relative to the low frequency oscillators. 
In addition to controlling the ductility demand, the amount of hys-
teretic energy dissipated during the ground motion is important in the 
consideration of damage sustained to a member during cyclic response. It 
will be shown in a later chapter that the hysteretic energy dissipated 
can be used as a parameter in an equation to predict the amount of damage 
that would occur dur ing the cyclic response of re inforced concrete mem-
bers. Therefore, the hysteretic energy dissipated by the SDOF oscilla-
tors is an important par ameter in the overa 11 response to the ground 
motions. Plotted in Figs. 2.30-2.37 is the average, average plus or 
minus one standard deviation, and maximum and minimum hysteretic energy 
dissipated by the SDOF oscillators subjected to the 8 ground motions for 
R of 4 and 8. From these figures it can be seen that, unlike ductility 
demand, the average hysteretic energy dissipated is independent of 
frequency. 
2.10 Concluding Remarks 
All of the conclusions stated in this chapter on the inelastic force 
design method assume that a bridge will respond like a SDOF oscillator. 
For bridges that do not interact with the abutments, this may be true, 
however, for many bridges the response is dominated by the interaction of 
the bridge and the abutments. Also, the redundancy of the bridge allows 
the load on the weaker elements, such as the piers after yielding, to be 
transferred away, thereby reducing the demand on the piers. Therefore, 
conclusions on the conservatism or unconservatism of a design approach 
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may not strictly apply for real bridges. Later in this study a model to 
analyze actual bridges is developed and used to evaluate several of the 
effects studied in this chapter, such as the effects of stiffness degra-
dation and energy dissipation on the overall response of bridges designed 
by ine1ast ic force design .methods. 
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CHAPTER 3 
DERIVATION AND EVALUATION OF ARTIFICIAL ACCELEROGRAM 
3.1 Introduction 
In Chapter 2 it was seen how the use of inelastic time history 
analyses of SDOF oscillators to a suite of earthquakes could be used to 
evaluate a response spectrum des ign approach. Many different SDOF 
oscillators and ground motions could be analyzed efficiently since the 
cost in terms of input and execution time of a single analysis was small. 
For the dynamic analysis of a finite element model of a bridge, however, 
the execution and data reduction time for a single analysis is signifi-
cant. Therefore, it would be desirable to have a single ground motion to 
use for analysis that would generate the same structural response on the 
average, at all frequencies, as the suite of accelerograms used in the 
derivation of the design spectrum. Since any real time history cannot 
represent all possible loadings and ground motion inputs implied in a 
design spectrum, it is necessary to compute an artificial accelerogram 
that is based on the given design spectrum. 
In the past, several methods have been proposed to generate an 
artificial accelerogrqm time history that approximates a given response 
spectrum. One method that has been used involves the manipulation of an 
existing ground motion, preferably one having a response spectrum that 
resembles the target response spectrum, in order to match the target 
response spectrum (53,64). By suppressing or amplifying various portions 
of the Fourier transform of the existing accelerogram, a new time history 
can be derived by inverting the modified Fourier transform. This process 
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is repeated until the new time history's response spectrum sufficiently 
resembles the target spectrum. Another method uses the superposition of 
pulses or sine waves of var ious frequenc ies and ampli tudes into a time 
history (36,57). The response spectrum of the artificial time history is 
compared to the target spectrum and adjustments to the amplitudes of the 
input waves are made until the response spectra match at a given number 
of frequencies. This procedure is used in this study to develop an arti-
ficial time history to match an elastic design response spectrum. The 
inelastic response of a group of oscillators is computed and compared to 
the responses generated by the eartllquake accelerograms described in 
Chapter 2. 
3.2 DeriYatlon of Artificial Accelerogram 
The p~o::"t<> ... ;e used involves the superposition of closely spaced sine 
waves ov~; ~ i.~~~ [~eq0enqy range. In order that a sufficient number of 
freque::,: ~t:'!' 2.~' :he input, adjacent frequencies are chosen such that 
the na~~ ; : .. , ~ ; .:,:5 of adjacent frequencies overlap. This condition is 
satls ~ ~f'-o': • ~ • '#" ~ ~ ~ :o;,.;ing equation is satisfied (36): 
. ,. 
(3. 1 ) 
where: 
~~{~cy spacing between two adjacent input sine waves; 
B is ~~t ~d~~ing ratio. 
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The individual sine waves are combined to form the time history in 
the form: 
H(t) 
where: 
n 
F (t) I 
i = 1 
(_1)i A. sin(2-rrf. tJ 
1 1 
H(t) is the acceleration time history; 
F(t) is the time function envelope curve; and 
(3.2) 
A. is the amplitude of the input waves which need to be 
1 
determined. 
The time function, FCt), is used to define the overall character of 
the ground mot ion. The general form of F( t) is shown in Fig. 3.1. It 
consists of a rising function OA, a flat portion AB, and a decaying 
function BC. Equations for each portion were defined as: 
F(t) 
F(t) 
F(t) 
where: 
t2 ~ t ~ t dur 
t 1 , t 2 , and tdur are defined in Fig. 3.1; and 
C is a constant. 
o 
(3.3) 
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An iterative procedure is used to solve for the coefficients A. in 
1 
Eq. 3.2. Initially, the values of A. are taken as proportional to the 
1 
target spectrum values at the frequenc ies f.. Linear interpolation is 
1 
used to solve for the values of A. at frequencies between the specified 1 . . 
spectrum_points. The response spectrum for the time history is computed 
using the proce dure in Re f. 43. The new values for A. are obtained by 
1 
multiplying the current values of A. by the ratio of the target response 
1 
spectrum at frequency f. to that computed for the time history. This 
1 
procedure is repeated until the response spectrum of the new time history 
does not change significantly from the previously computed response 
spectrum._ At this point a good match between the computed and target 
response spectra has usually been achieved at the input pOints. 
To account for non-zero velocities that sometimes occurred at the 
end of the time histories, a baseline correction of the form: 
C t + C t 2 
, 2 (3.4) 
was applied to the acceleration at the end of each iteration. Procedures 
to solve for C, and C2 can be found in Ref. 3. 
3.3 Definition of Target Response Spectrum 
The target response spectrum is given by values of spectral acceler-
ation at a number of specified frequencies. A large enough number of 
pOints on the spectrum must be given or else the artificial accelerogram 
may match the spectrum at the given pOints while leaving large dif-
ferences between the specified and qomputed spectra at intermediate 
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frequenc ies. However, spec ify ing target response spectrum pOints that 
are too close together may lead to computa t ional d iff icult ies and non-
converging solutions for the time histories. An example showing an 
insufficient number of spectrum points is shown in Fig. 3.2. 
The range of frequencies and values of spectral acceleration used in 
the time history must be chosen carefully to avoid computing a time 
history that is not representative of real ground motions. It is impor-
tant to realize that every response spectrum does not necessarily have a 
corresponding time history. This is especially true for design response 
spectra where the spectral accelerations are determined by chang ing the 
time scales of t:;e input ground motions, or arbitrarily increasing or 
decreasing the ~~g~::ude of the spectral accelerations. A time history 
derived from a Ce5:g~ ~esponse spectrum may be dominated by low or high 
frequency CO~~~~E~:S of the input resulting in a time history that does 
not represe~: a ~~~~:s:ic earthquake. 
3.4 Ca.lcula~ lon or TUDe History 
The ;:~'.:.' -. ... ',. ::02 ~ in ing the target response spectrum were solved 
using a t ... ,. • ~ ..... ::~ procedure whereby different target response 
spectrurr. fro , .... r j~: d:-::~litudes were used and the resulting time his-
t or i c s e v 3 : ~1 °0 t : :. d:get response spectrum is based on the ATC-6 
design ro:::: ... ::i~ ~ <' .: spectrum. The range of frequencies used in the 
design of b:-.~jI·· ::; ~ s study needed to be inc luded in the target 
response spec:~ ... :-:-.. t. ~requency range of 0.5-20.0 Hz. was used which 
covered the freque:1cy range of all br idges analyzed, and it ga ve the 
computed time history a wide enough frequency content to make it appear 
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like a realistic ground motion. The initial attempts to match the ATC-6 
design response spectrum in the 0.5-2.5 Hz. frequency range resulted in 
the artificial accelerogram being skewed toward the low frequency range. 
Therefore, the target response spectrum was reduced in the lower frequen-
c ies to more closely match the average response spectrum for rock and 
stiff soil sites. This is more appropriate anyway, since it was explic-
itly stated that an additional factor of safety was artificially used in 
this region of the design spectrum. The input frequencies and spectral 
accelerations are given in Table 3.1. 
The spectrum calculations were for 5 percent damping; therefore, a 
value of ~f/f of 0.10 was used to satisfy Eq. 3.1. A total duration of 
30 sec. for the time history was used and the accelerations were 
calculated at equally spaced pOints of 0.02 sec. 
The values used to define the time function, F(t), in Eq. 3.3 are 
based on values which. gave a buildup of energy of the artificial 
accelerogram defined as: 
t J H(t)2 dt 
o 
t 
J 
dur 2 
H ( t) dt 
o 
that was similar to the buildup for recorded strong motion accelerograms. 
Different values for t 1 , t 2 , and Co were used in Eq. 3.3 and the effects 
were evaluated by plotting Eq. 3.5 for the artificial accelerogram and 
several representative strong motion earthquakes. The buildup of energy 
of three strong mot ion acce lerograms (Pacoima Dam, El Cen tro and Bonds 
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Corner), along with three artificial accelerograms with different decay 
functions, are plotted in Fig. 3.3. The decay functions were determined 
so as to give the value of F(t) at the end of the record, FT , 0.1,1.0 
e 
and 10.0 percent of the value of F(t) in the flat region. As seen in 
Fig. 3.3 the three decay functions correspond to a range of values where 
the energy buildup of the artificial accelerogram is on the same order as 
the strong motion accelerograms. The difference in inelastic response in 
terms of ductility of the artificial accelerograms with the three differ-
ent decay functions is small. It was felt that the decay function cor-
responding to 10.0 percent relative value of F(t) gave too large of a 
value of :o~al energy of the ground motion while the 0.1 percent decay 
function c~;::;:>ee out the ground motion too quickly .. Therefore the decay 
functio~ cc;;esponding to a relative value of 1.0 percent at the end was 
usee i~ ~~~ final form of the artificial accelerogram. The values of t 1 , 
used in Eq. 3.3 are 1.0 sec., 5.0 sec. and -0.184, 
respectlV"::::Y· 
Tr.e f~:".:::,: form of the artificial time history is shown in Fig. 3.4 
along "'1 ~:. ~r . ..::: veloci ty and displacement obtained by integrating the 
accelera::c;-.... ::'h time. Peak values of the acceleration, velocity and 
displace:.:e;:: a:-e: 1.31g, 23.9 in./sec., and 5.4 in., respectively. 
Studies of g:-ound motions (38,41) have compiled statistics on values of 
v/a and aC/v2 for motions recorded at various soil and rock sites. The 
artificia: accelerogram has values of 18.2 in./sec./g and 4.8 for v/a and 
ad/v2, respectively. These ~~e not too different from average values of 
24 in./sec./g and 5.3 reported by Mohraz (38) for rock sites. Values of 
v/a for motions recorded on firm soil are higher. 
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The target response spectrum and the response spectrum generated by 
the artificial ac'celerogram are plotted in Fig. 3.5. The match between 
the curves is very good at most input frequenc ies and spectral values. 
At intermediate frequencies the match is good in the high frequency reg-
ion and fairly good in the low frequency region. In ATC-6 the effective-
peak-acceleration is defined as the average spectral acceleration for 
periods in the range of 0.1 to 0.5 sec. divided by 2.5 (60). In Fig. 3.5 
it is seen that the average spectral acceleration in this range of per-
iods for the artificial accelerograms response spectrum is 2.5. There-
fore, for des ign or analysis of response spectrum design purposes, the 
effective-peak-acceleration of the artificial accelerogram shown in 
Fig. 3.4 is 1.0g. 
3.5 Response of SDOF OScillators to Artificial Accelerogram 
In order to compare the inelastic response of structures subjected 
to the artificial accelerogram to the response from the 8 rock and stiff 
soil records, a suite of SDOF oscillators was designed using the ATC-6 
rock and stiff soil design spectrum with ductilities of 2, 4, 6, and 8. 
Both Eqs. 2.28 and 2.30 for frequencies greater than 3.0 Hz. were used. 
Plots of the displacement ductility for the artificial accelerogram, and 
the average and average plus or minus one standard deviation for the 8 
records are shown in Figs. 3.6-3.9. Also, the aITDunt of energy dissi-
pated by hysteretic energy is plotted in Figs. 3.10-3.11 for the artifi-
cial accelerogram and the average and average plus or minus one standard 
deviation for the 8 records. 
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The following observations were made regarding the response of the 
SDOF oscillators to the artificial accelerogram and the 8 rock and stiff 
soil records. First, from Figs. 3.6-3.9 is seen that for all cases for 
frequencies below 5.0 Hz. the ductility demands of the SDOF oscillators 
subjected to the artificial accelerogram are very close to the average 
ductility demand of the eight recorded accelerograms. Even for frequen-
cies above 5.0 Hz. the ductilities for the artificial accelerogram are 
close to or less than one standard deviation below the average of the 
ground mot ions. Second, from Figs. 3.10-3.11, the hysteretic energy 
dissipated during the analysis for the artificial accelerogram is greater 
than the average of the 8 rock records. In fact, for frequenc ies less 
than 3.0 Hz., the energ ies for the ar ti f ic ia 1· acce lerogram ar e less or 
slightly greater than one standard deviation greater than the average, 
while for the frequencies greater than 3.0 Hz., the energies are greater 
than one standard dev ia t ion from the a vera ge 0 For br idges analyzed in 
this study, the fundamental frequency was less than 3.0 Hz. Therefore, 
the increase in hysteretic energy for high frequency oscillators is not 
as important. Also, for the strong ground motion records such as El 
Centro, Pacoima Dam and Bonds Corner, the hysteretic energies are greater 
than the average of all the records and for some ground motions such as 
El Centro, are significantly greater than one standard deviation above 
t.hp ;:J,vp.r.:3.gp. So t.he 1arJSer hysteretic energy for the artificial acceler-
I, . ~ 
ogram makes its response more like the strongest of the recorded ground 
motion records. 
It will be shown in the next chapter that the damage that occurs to 
a reinforced concrete structure during cyclic loading can be estimated 
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from the maximum displacement and the amount of hysteretic energy dissi-
pate d dur ing the response. For structures with a frequency of about 
5.0 Hz. or less, the artificial accelerogram would give results close to 
or slightly above the average for the strong ground mot ion records in 
terms of damage prediction. For structures with a frequency of greater 
than 5.0 Hz. the effects of smaller maximum displacement and larger hys-
teretic energy for the artificial accelerogram would tend to compensate 
for each other in the damage model and give results that are close to the 
average damage predicted for the 8 rock records. Therefore, it was felt 
that the artificial accelerogram could be used to evaluate the expected 
damage to br idges in lieu of real ground mot ions and gi ve results that 
were close to those for the average of the rock records. 
r 
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CHAPTER 4 
p. 
! 
1 
DAMAGE MODEL FOR REINFORCED CONCRETE MEMBERS 
4.1 Introduction 
The damage process for reinforced concrete bridge piers during I 
cyclic response to ground motion is not well understood. The parameter 
most widely used to describe the performance of reinforced concrete I 
structures is the displacement ductility. It is assumed in the design r 
... 
that by reducing the design moment on a pier by the response modification L 
factor, the flexural ductili ty of the pier will allow it to resist the 
inelastic displacements as long as the capacity in shear and bond is not 
exceeded. However, cyclic tests on reinforced concrete members ha ve I 
shown that under cyclic loading brittle, non-flexural failures are pos-
sible in specimens that were designed to fail in flexure under monotonic 
[ 
loading (35). It has been stated by various researchers that any method [ 
that attempts to calculate the damage to reinforced concrete members 
under cyclic loading should include information on not only the maximum I 
displacement but also the stiffness degradation or hysteretic energy I disSipated during inelastic cycles of response (1,24,47,68). 
In this chapter a model used to evaluate the damage sustained by 
reinforced concrete members during cyclic loading is described. The 
model is based on a combination of maximum deformation and hysteretiC l 
energy dissi pated. The parameters required in the damage equation are ( described in detail. The damage model is used in the following chapters 
in conjunction with a bridge analysis program described in Chapter 5 to f 
L 
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J 
estimate the amount of damage that might be expected to occur to 
reinforced concrete piers during earthquakes. 
1 
4.2 Proposed Damage Models 
-j Several proposals have been put forth to date to predict the amount 
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of damage that reinforced concrete members might sustain during cyclic 
loading. Most proposals use parameters based on energy dissipation (17) 
or combinations of displacement and stiffness degradation or energy dis-
sipation (1 ,24,47). Significant scatter is observed between the damage 
predicted and results of cyclic tests on reinforced concrete members 
(1 ,24). ~The large scatter between the predicted and observed results can 
often be attributed to the limited number of specimens used in deriving 
the damage model. Large uncertainties in the properties of reinforced 
concrete members as well as differences in the loading histories make it 
difficult to accurately pr€dict the damage based on a limited number of 
tests. Also, differences in the definition of failure used in various 
tests, espec ially in members where the failure occurs gradually and no 
definite failure pOint exists, contributes to the large scatter observed 
between tests and damage prediction. 
Park and Ang (47) developed a mechanistic damage model using the 
most comprehens i ve set of data to date. The model parameters are based 
on results of 261 cyclic and 142 monotonically loaded beams and column 
tests performed by various researchers. The results of the tests were 
used in systematic regression analyses to develop a model to predict 
damage based on the maximum displacement and hysteretic energy dissipated 
during cyclic loading. The method offers a straightforward and simple 
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,method to predict the amount of damage expected for a bridge pier due to 
ground motions. The method is explained in the following section. 
4.3 Description of Park and Ang Damage Hodel 
The model is based on calculating a damage index, D, expressed as 
the sum of the normalized maximum deformation and normalized hysteretic 
energy dissipated during cyclic loading. In equation form: 
D 
where: 
o 
m 
- + 
o 
u 
o is the maximum displacement obtained during cyclic loading; 
m 
(4. 1 ) 
0 is the ultimate displacement to failure unde'r monotonic loading; 
u 
Qy is the shear at the yield moment; 
dE is the incrementa 1 hysteretic energy dissipated; and 
8 is a non-negati ve parameter. 
D is such that 0 ~ signifies complete collapse or total damage to a 
member. Om and JdE are determined from the response of the member while 
o u' Qy and 8 are independen t of the loading h is tory and depend only on 
the properties of the reinforced concrete member. Procedures for 
calculating the load independent parameters are given below. 
4.3.1 Calculation of Ultimate Deformation 
The ultimate deformation under monotonic loading, 0 , is determined 
u 
as the product of the yield deformation, 0y' and the ultimate ductility, 
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(4.2) 
The yield displacement is considered as the sum of four components, 
the flexural deformation, of' the elastic shear deformation, 0e' the 
inelastic shear deformation,' os' and the bond slip rotation, 0b' In 
equat ion form: 
a y (4.3) 
A discussion of the calculation of each of the four components is given 
in Chapter 5 with regard to calculating the flexibility matrix 
reinforcec concrete pier. 
The ul::r~:e Quctility under monotonic loading is determined from an 
empirical e~~a::on based on a regression analysis of monotonically loaded 
beams a;;C :·::::~:T'.s. For the definition of failure of the monotonically 
loaded :t'5: :;!t':-~€rs, the ___ members were divided into four categories 
accorC ';';.~- fa il ure mode. For three of the fa ilure modes the 
strer.E:~. ~ ~ " ~.' ~;einber drops abruptly and failure is defined at this 
poin:. ; r -. -:.-~ ~~ere the strength drops gradually, failure is defined 
at tr.~ ... t ~;. : '"1e strength falls below a percentage of the maximum 
~_~;.~ that when the strength of a member is 80 percent 
or les~ ., .. ~ - l.~~~ strength, total repair of the member was needed. 
:~'.;.::ion was used to define the failure pOint. A cor-
:Je:ween the ultimate ductility and the flexural and 
shear de fo r:r;,?:\: .;.:-: :.5 . An equation was defined for the prine ipal strain, 
E p ' as functIons of the flexural concrete strain at the location of the 
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compression reinforcement at the yield curvature, E b , and the shear 
rotation, e , calculated in Eq. 5.7d. 
s 
E 
P 
(4.4) 
In addition to E , a correlation was found between ~ and the confine-p u 
ment ratio, Pw' defined as the volumetriC ratio of stirrups to core 
concrete. The following equation was proposed for ~ . 
u 
~u 
E 0.218p -2.15 
(-2) w exp(0.654p + 0.38) 
E w 
o 
where: 
(4.5) 
E is defined as the strain at the maximum ~tr~ss for the concrete; 
o 
and 
Pw is replaced by 2.0 if Pw > 2 percent. 
The correlation of Eq. 4.5 to experimentally determined ductility 
factors is fairly good with a coefficient of variation of 38 percent. 
4.3.2 Calculation of B 
The parameter B was determined by a systematic regression analysis 
of experimentally determined B's. S was determined from tests by solv-
ing for B in Eq. 4.1 at the failure point (D = 1.0) of a member. A 
correlation was found between B and the confinement ratio, p , the shear 
w 
span ratio, Q,/d, the longitudinal steel ratio, and the normali zed 
axial stress, no. S is determined by: 
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B 
£, 
d= 
n 
0 
Pt 
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P 
(-0.447 + 0.073 ~ + 0.24 no + 0.314 pt ) 0.7 w 
0.0 if B < 0.0; 
1 .7 if ~ < d 1 .7; 
0.2 if n < 0.2; and 0 
0.75 if Pt < 0.75. 
(4.6 ) 
Relatively large scatter is observed between B calculated by Eq. 4.6 and 
tests with a coefficient of variation of 60 percent. 
4.3.3 Calculation of Q y 
The yield strength, Qy' is calculated as the yield moment divided by 
the distance to the point of contraflexure of the member. If no definite 
yield point eXists, the yield moment defined by the breakpoint on the 
moment curvature relationship is used. 
4.4 Calibration of Damage Index 
It was stated previously that the damage index was calibrated such 
that D ~ 1 signified complete collapse or total damage of a member. Park, 
Ang and Wen (48) studied the damage sustained to reinforced concrete 
columns in buildings during the 1971 San Fernando earthquake and the 1968 
Tokachi-Oki earthquake in Japan to relate the damage observed to values 
of damage index less than 1.0. A total on nine buildings that suffered 
some degree of damage or collapse during the earthquakes were used in the 
study. It was found that members with D ~ 0.4 suffered repairable damage; 
48 
D ~ 0.4, damage beyond repair; and D ~ 1.0, complete collapse. Figure 
4.1 shows the results of the calculated damage index versus the observed 
seismic damage. 
4.5 Comparison of Damage Index to Tests 
The uncertainty in the damage prediction for all specimens used in 
the Park and Ang study is relatively large with a coefficient of varia-
tion of 50 percent. Park and Ang state that the large uncertainty is 
inherent in any method used to predict the damage of reinforced concrete' 
members to cyclic loads. However, for this study, it is believed that 
much of the unce~:a:~ty in the damage prediction is due to the fact that 
the data used in :~~ Park and Ang study comes from many sources, and that 
the uncertainty :5 ~2t cue to the method used, but to differences in the 
definitions 0:- =-2.~ ... ~e and properties of the members reported in the 
various tes':.s. 
In o;-::::~ 0" • 
the damage .-
a series ::~ '-' 
the damag-- " ~ 
caused be2 - ",.: 
nations 0: :.. 
number of cycle~ 
from 4 to 11 0. 
:- ~~-~~ne how accurately the damage model could predict 
:~ specimens under different cyclic loading condi-
'. : "--::es and definitions of failure, the results of 
.' r~:~forced concrete specimens (24) were used in 
~-~ specimens were subjected to cyclic loads that 
-·':--'.ts of either 2 percent, 4 percent, or combi-
r-: of the shear span length of the member. The 
,.. 5 tress (p Ibdlf') var ied from 3.3 to 7. 1. The 
c 
.~~~lng before failure of the member occurred varied 
:'!"1e parameters 0u' Sand Q were determined from the y 
equations given in this chapter and properties of the members while 0 
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J 
and J dE at fai lure were obta ined from the test results. Since fai lure 
of the specimens did not occur abruptly in the tests, the failure point 
I was defined as the cycle where the load carrying capaci ty of the member 
fell below 75 percent of the original strength. This is approximately 
the same definition of failure used by Park and Ang. The parameters 
required in the damage equation of the specimens is shown in Table 4.1. 
J The results of the damage index calculations are shown in Table 4.2. The 
OJ definition of the notation used for the specimens can be found in Hwang 
(2~). The mean and coefficient of variation of the results of the damage 
1 lndex for the 11 specimens is 0.743 and 26.5 percent, respectively. 
Two points can be observed from these results. First, the C. O. v. 
1 o~ t~e series of tests is approximately 50 percent less than the C. O. v. 
J for the entire set of data used by Park and Ang. This shows that by 
US1~g consistent data and definitions of failure in the damage equation, 
trle u:l2ertainty in the results can be reduced. Second, since the speci-
mE:;.5 r-.dG widely varying loading histories, this shows the validity of 
us:~g an equation to predict the damage of a member based on the combina-
t!c;: c~ rr.2:Xlr.lUm displacement and hysteretic energy dissipated during 
cycl~c ::;acing. By changing the parameters in the damage equation, the 
dar..cge to different types of members such as spirally reinforced members 
co~ld ~e evaluated using this method. 
lj.6 Summary 
The damage index provides a powerful tool for the evaluation of the 
J strength of reinforced concrete bridge piers. In the following chapters 
the damage index is used to assess the strength of existing bridge piers 
J 
50 
and hypothetical bridge piers designed by the ATC-6 specifications to 
design level earthquakes. 
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CHAPTER 5 
ANALYTICAL MODEL FOR NONLINEAR DYNAMIC ANALYSIS OF BRIDGES 
5. 1 Introduction 
In Chapter 2, the seismic response of SDOF oscillators designed in 
accordance with CalTrans and ATC-6 specifications were computed and 
analyzed. While the inelastic response of SDOF oscillators offers 
insight into the overall inelastic behavior of structures designed to 
yield during large earthquakes, the actual inelastic response of bridges 
may be quite different from the response of these SDOF oscillators . 
Although the piers for bridges are designed by the same rules used in the 
design of the SDOF oscillators, the total lateral force generated by the 
ground motion that is carried by the piers may be only a small amount of 
the total force, with the remainder transferred to the abutments by the 
-,-
deck. Therefore, in order to better assess the inelastic behavior of the 
piers during an earthquake, a complete model of the bridge which includes 
the stiffnesses of the abutments, foundations, deck and piers is needed. 
In this chapter the development of a model for the dynamic analysis of a 
reinforced concrete bridge is described. The model allows the nonlinear 
response of a bridge to be studied in some detail in order to study the 
effects of stiffness degradation and energy dissipation of the piers on 
the overall response of a bridge. 
For this study of the inelastic response of bridges, the nonlinear 
behavior of the reinforced concrete piers is the primary area of interest 
in terms of the overall nonlinear behav ior of the structure. Al though 
inelastic modeling of reinforced concrete piers is limited, extensive 
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research exists for the inelastic modeling of reinforced concrete columns 
for buildings. Many researchers have developed inelastic models of rein-
forced concrete members to use in the dynamic analysis of multi-degree-
of-freedom structures. Three models that have been used extensively in 
dynamic analyses can be classified as: 1) models based on a fiber repre-
sentation of a section (32,33,37); 2) discrete models based on plasticity 
interpretations of yield surfaces (6,65); and 3) discrete models based on 
the moment-curvature relationship of a section (45,55, 56). A discussion 
of the advan tages and disadvantages of each model is gi ven by Kaba and 
Mahin (32). 
r .... o 2 dimensional analytical models were developed to study the I inelastic s~a:ic and dynamic response of reinforced concrete bridges. The 
prog;a~~ :~SA?T and IPBAPL were written to analyze a straight, non-skewed r 
bridge i~ elther the transverse or longitudinal direction to static loads 
or dy~a~~2 g~ound motion inputs. An eigenvalue solution scheme was also 
incluje~ s: ~~a: the natural frequencies and mode shapes of the elastic 
I structu~~ ::~:~ ~e obtained. Inelastic behavior of the piers was analyzed 
by a C:s::~",·~e model based on the moment-curvature and moment-bond slip 
r e 1 at;. c r. ~:-. : ;: s 0 f a sec t ion . Inelastic translational and rotational 
springs ,,",p"'p included to model the flexibility of the abutments and r 
foundatlOr.s a.'1d an elastic beam element with shear deformation was used 
to mo del t!1 e dec k . An explanation of the development of each of the 
elements follows. r 
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5.2 Development of Stiffness Matrix of Pier Elements 
Several key assumptions were made in the development of the stiff-
ness matrix of the inelastic pier elements. The assumptions included: 
1) moments vary linearly between end pOints of the member; 2) axia: load 
is constant throughout the analysis; 3) moment-curvature and moment-bond 
slip relationships are linear with changes in the stiffness only at 
breakpoints; ~) except where noted, moment-curvature and moment-bond slip 
relationships are constant throughout the member; and 5) the elastic 
flexural stiffness and shear stiffness of the section are constant 
throughout the member. 
5.2.1 Calculation of Moment-Curvature Relationship 
To determine the moment-curvature relationship for a member, the 
section is first divided into a number of concrete and steel fibers. The 
M-¢ relationship is determined by incrementing the curvature and solving 
iteratively for the moment and axial load assuming a plane section (~6). 
The stress-strain relationships for concrete and steel are determined 
from equations based on tests on columns in New Zealand (50). Provisions 
are included to account for the stress-strain relationships of both 
unconfined concrete and concrete confined by spirals or ties. The form 
of the stress-strain relationships for concrete and steel are shown in 
Figs. 5.1 and 5.2. Once the moment-curvature relationship is determined, 
it is idealized wi th linear segments. The breakpo ints correspond to 
cracking, yielding, a point past yielding and the ultimate moments of the 
section. Figure 5.3 shows a calculated and idealized moment-curvature 
relationship for a section. 
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5.2.2 Calculation of Moment-Bond Slip Relationship 
Based on pullout tests of reinforcing bars from concrete (11), an 
equation relating the slippage of a reinforcing bar to the yield stress 
in the bar can be written (47): 
S 
n 
where: 
(5 • 1 ) 
S is the slippage of the bar divided by the diameter of the bar; 
n 
and 
a is the yield stress of the bar (ksi). y 
Equat ion 5.1 assumes the bond strength of the concr.ete to be 1.2 ksi on 
the average and the equation is valid as long as the anchorage length is 
greater than 10 bar diameters (47). The rotation of the section due to 
the bond slip is calculated in the following manner. At each breakpoint 
in the moment-curvature relationship, the distance, from the neutral 
axis to closest bar stressed to its yield stress is calculated. The 
rotation due to bond slip is calculated by dividing the slippage calcu-
lated from Eq. 5.1 by the distance d.. This process is illustrated in 
1 
Fig. 5.4. The moment-bond slip pOints are connected by linear segments 
as shown in Fig. 5.5. 
5.2.3 Flexibility Matrix for Reinforced Concrete Member 
The flexibility of a reinforced concrete member used in this analy-
sis results from the contribution of four components. They are: the 
elastic flexural deformation, the inelastic flexural deformation, the 
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shear deformation, and the bond slip rotation. The contribution of each 
component to the flexi bili ty matrix of the member shown in Fig. 5.6 is 
explained below. 
All of the loadings are applied in incremental form so the flexibil-
ity of the member ~aybe written as 
f 11 
(5.2) 
where: 
be is the total incremental rotation at the end of the member due to 
the 4 components; and 
bM is the incremental moments applied to the end. 
For an elastic, prismatic line element of length, L, and flexural 
stiffness, EI, the elastic flexural component in Eq. 5.2 may be written: 
E L L bM A be A 3E1 - 6E1 
(5.3) 
beE L L bM B B - 6EI 3EI 
The inelastic flexural contribution to the flexibility matrix is 
calculated by a procedure which considers the element as two cantilevers 
with fixed ends at the supports and free ends at the point of contraflex-
ure of the moment diagram. The procedure was originally developed by 
otani (45) and the details are given in Appendix B. In order to calculate 
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the flexibility of the member the fixed end moment-free end rotation and 
fixed end moment-free end displacement relationships of unit length 
cantilevers are needed. The moment-rotation is calculated at each break-
point on the moment curvature curve by determin ing the area under the 
inelastic curvature diagram along the length of the member. The moment-
displacement is determined by computing the first moment of the inelastic 
curvature about the free end. The curves are constructed by joining the 
pOints by straight lines. The process is illustrated in Fig. 5.7. The 
incremental end rotations can be written as: 
P 
f 1 1 
(5.4) 
where f 11 , f 12 , f 21 , and f22 are calculated from Eq. B.l1. 
The method given here for the general case of unequal end moments is 
not exact since f12 and f22 are not equal. The lack of symmetry of 
Eq. 5.4 is due to the fact that as the point of contraflexure moves, 
loading and unloading is occurring at pOints on the member near the point 
of contraflexure that is not accounted for in the analysis by evaluating 
moments only at the end pOints. It is believed, however, that the errors 
associated wi th this behavior are small and do not effect the overall 
response of the member significantly. 
The contribution of the shear deformation to the flexibility matrix 
may be written as: 
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~eS 
A L AGE L AGE ~MA 
(5.5) 
~eS 
B L AGE L AGE ~MB 
where AGE is the effective shear stiffness of the member . 
For a member where there is no shear cracking, the effecti ve shear area 
is given by 5/6 of the gross area for a rectangular section. 
The shear cracking load of a cantilever member shown in Fig. 5.8 is 
calculate: d~ .. ,;: 
-
--- + 
-
1. -
where: 
/ .. t 
r • 
C 
b d (5.6) 
..... ":'. ·,·.~3~ 2!"'acking load; 
If :~. t. ~. 
displa:::~:~· 
procedurE- r, 
~.~ 7~~e cracking moment; 
". 
_.1' the section; 
_r the section; and 
~:r sf the member. 
. ~crce at yielding is greater than Q , the inelastic 
c 
~rlear cracking is calculated using the following 
:: .. " an dAng ( 4 7 ) . The inelastic shear deformation at 
yield for th~ ~a~::lever is calculated as: 
o 
s 
where: 
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I Ii.. e 
1 s 
es is the rotation of the shear crack; and 
CS.7a) 
£. is the distance from the crack tip to the end of the member. 
1 
If it is assumed that the shear cracks occur at a distance of Z apart, 
the mean shear deformation can be calculated as: 
2 2 
(.2, +.2, - .2,' ) e 
2Z s CS.7b) 
where .2,' is the length of the "no shear crack zone" and can be calculated 
from Eq. 5.6 as: 
.2,' 
M 
c 
Q - If' bd Y c 
+ Z CS.7c) 
Values of e were evaluated from 244 beam and column tests. Three equa-
s 
tions for e were proposed as functions of the shear span ratio, .2,/d, and 
s 
the normalized bond stress. For bridge piers in our study the following 
form of the equations for e is used: 
s 
e 
s .2, 
d 
0.002 
0.5 
C5.7d) 
The shear deformation at yield can be calculated from Eqs. S.7b-S.7d. A 
reduced effective shear area is then calculated from the inelastic shear 
displacement such that the shear displacement at yield for the model 
equals the total calculated elastic and inelastic shear displacement. 
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The flexibili ty due to bond slip at the ends of the member is 
included in the flexibility matrix as: 
~8B 1 0 ~MA A SR(MA) 
(5.8) 
B 0 1 ~8B SR (MB) 
~MB 
where SR(M) is the slope of the moment-bond slip curve at moment M. 
5.2.4 Total Flexibility and Stiffness Matrix of the Member 
The total flexibili ty.of the member can be calculated as the 
sum of the four components in Eqs. 5.3-5.5 and 5.8 as: 
(5.9) 
By inverting the flexibility matrix the stiffness matrix of the 
member can be obtained as: 
(5.10) 
In general, the stiffness matrix is not symmetric due to the fact that 
the flexibility matrix used in Eq. 5.4 is not symmetric. 
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5.2.5 Modification of Stiffness Matrix for Pier Cap 
The stiffness of the pier cap or the area common to the pier and the 
deck in a reinforced concrete bridge can be assumed rigid with respect to 
the pier. The stiffness matrix for the element shown in Fig. 5.9 with a 
rigid end can be derived by considering the transformation of end moments 
and rotations. 
The transformation of moments from A'to A can be written as: 
1 +,\ 
A 
o 
i1M' A 
(5.11) 
Similarly, the :~aj;s~ormation of rotations from A to AT can be written 
as: 
• A o 
(5.12) 
:. 
Finally, :j 5.10-5.12 the stiffness matrix of the element 
in Fig. :;. ~~ 
I( . ). 
'\A K 11 K12 1+,\ 0 '\0 • ~ . A M 
(5.13) 
K21 .. 
,,,", 
K21 K22 '\A ~ 
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5.2.6 Transformation of Stiffness Matrix to Member with End Translation 
The stiffness matrix in Eq. 5.13 is for a member with no translation 
at the ends. To obtain the stiffness matrix for a member wi th end 
translation shown in Fig. 5.10, the total rotation and displacement of 
the column end is related to the rotation with respect to a vertical axis 
in the form: 
I1U A 
1 
118 A I1U B 
[TJ (5.14) 
I 118 B 
118* A 
I 
I 
118* B 
io.'r.e:e: 
1-
1 Ie - 0 L 
1 0 -~ L 
C"WI 
~ , a~.~ ~ .~ * are defined in Fig. 5. 10. L.-~ ~t' 
~:~!:a~:y, the end reactions and moments of the translated element were 
rE:a:eC to the end moments without translation by: 
! :"Pf.. 
6P B 
(5.15) 
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Finally, the stiffness matrix of the element with end translation 
can be written as: 
6PA 6U A 
6PB 
K 11 K12 11U B 
j [TJ
T [TJ (5.16) 
11MA 
K21 K22 
68* A 
11MB 118* B 
5.2.7 Final Form of the Stiffness Matrix 
The total stiffness of the element shown in Fig. 5.11 for the trans-
verse analysis is formed by including the tor-sional stiffness of the 
element. The torsional stiffness of the pier element is uncoupled from 
the rotational and translational stiffness. Since the torsional stiff-
ness of a single column pier is much less than the bending stiffness of 
the deck, the influence of the value of the torsional stiffness of the 
pier on the overall response of the bridge is small. Therefore, the 
torsional stiffness of the pier was taken as linear. The final form of 
the stiffness matrix for the element is given by: 
r -
I 
r 
t 
f 
t 
E-
L 
I 
I 
[ 
[, 
r 
{-
t_ 
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{}P
A 
I {}U
A I 
I {}PB I nUB I 
K* I 0 nt1A n8* I A (5.17) 1 
nM B 
I n8* 
L B 
-----
{}TA 
I GJ GJ n¢A 
I L L 0 ) 
nT B 
I GL GJ n ¢B 
I L L 1 
I where: 
K* is the stiffness matrix calculated by Eq. 5. 16; and 
I GJ is the torsional stiffness of the section. 
I 5.3 Hysteresis Rules for Pier Elements 
] The effects of different hysteresis relationships on the response of 
re inforced concrete members was discussed in Chapter 2 wi th regard to 
1 SDOF systems. For the pier elements a more detailed model was desired 
j 
that included at least a trilinear loading curve as well as stiffness 
degradation. For the hysteresis behavior of the moment-curvature and 
I moment-bond slip relationships, a modified version of the Takeda (62) 
model was used. The model is known as the Sina model (56) and is modi-
J fied from the Takeda model by adding a "pinching IT effect and simplifying 
J 
the model by eliminating some of the rules. The inclusion of the pinch-
ing stiffness was found to improve the low amplitude response of analyt-
ical models compared to experimental tests, however, it also gave a 
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larger maximum displacement (56). Inclusion of the pinching stiffness 
was made an option in the hysteresis rules and was not used in the 
analyses for this study. Details of the model are given in Appendix C. 
5.4 Flexibility Matrix of an Element with Weakened Base 
In many older bridges the section properties at the base of a pier 
are not the same as the main part of the pier. For these cases the 
stiffness and moment capacity at the base of the pier were made much 
weaker than the main part of the pier by placing a shear key at the base 
of the ;:ner and using much less longitudinal steel at the base than in 
the m2.l;; pa.rt. A pier with a weakened base is illustrated in Fig. 5.12. 
The ass~:.ip::c;;s of constant moment-curvature and moment-bond slip rela-
tions:-: :~5 ~:;; these type of piers are not valid. In order to analyze 
these :y~e c~ bridges, a procedure was needed to evaluate the flexibility 
of a ~·.:~,::er' y.,':..:n 0. weakened base. A procedure to obtain the flexibility 
matrix :~ s~:~ a member is given below. 
f:;s:'. IS assumed that the elastic flexural stiffness and shear 
stif~;;e~s J: ~~e rr.e~ber are the same as was previously used. This means 
the p;~:e:~;es tJ calculate the flexibility given by Eqs. 5.3 and 5.5 are 
st i:: For the inelastic flexural deformation and bond slip rota-
tion, t:;e ~le; was divided into two parts. The bottom part is defined as 
the lengt~ cf the plastic hinge and can be assumed to be equal to 1/2 the 
section deptn in lieu of a more detailed calculation (46,50,55). The 
upper part is assumed to have a constant moment-curvature relationship 
throughou tits length. Both the moment-curvature and moment-bond slip 
relationships are known for each part. For the upper part the flexibility 
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due to the inelastic flexural deformation and bond slip rotation are 
calculated by the procedures given by Eqs. 5.4 and 5.8 using the length 
of the upper part and the moments as shown in Fig. 5.13. The flexibility 
matrix for the upper part is then transformed to the length of the entire 
element in a manner analogous to what was used to transform the stiffness 
matrix in Sect. 5.2.5. The flexibility of the plastic hinge is then added 
to the flexibili ty matrix determined above by adding to the f 22 term of 
the flexibili ty matrix the contribution of curvature and bond slip as 
shown in Eq. 5.18. 
where: 
L is the length of the plastic hinge; p 
(5.18) 
SeeM) is the slop"e of the moment-curvature curve at the moment M; 
and 
SR(M) is the slope of the moment-bond slip curve at the moment M. 
The contributions of the elastic flexural deformation and shear defor-
mation are added to the flexibility matrix and the solution of the 
stiffness matrix for the overall element proceeds as described from 
Se ct. 5. 2 . 5 . 
5.5 ~deling of Foundations 
Full scale testing of bridges (8) as well as analytical studies (49, 
51) have shown the flexibility of the foundations to be very important in 
r 
66 
determining the overall stiffness and response of the piers. To model 
the flexibility of the foundations, translational and rotational springs 
r--
were included at the base of the piers. Due to the nonlinear behavior of 
the soils, the stiffnesses of the foundations are not linear and gener-
ally soften with increasing amplitude. However, for analyses performed 
for this stud.y, linear springs were used, and secant stiffnesses less of t 
than the initial tangent stiffnesses were used to account for the 
;-
nonlinear effects. 1 , 
The ATC-6 guidelines require in addition to the traditional pseudo-
static design approaches for the foundations, an evaluation of the 
potential stiffness and strength degradation with cyclic loading (60). I 
However, relatively little documentation was given for the design and 
analysis of the foundations. In 1985 The Earth Technology Corporation r 
compiled a document to assist in the design and analysis of bridge foun-
dation systems (20,21). The analysis methods were intended to be used in [ 
conjunction wi th the foundation and abutment design requirements in t 
ATC-6. Various levels of sophistication in the analytical procedures are 
given for assessing the stiffness characteristics of the foundation I 
systems under moment and horizontal loading. The procedure for evaluat-
ing the lateral and rotational stiffnesses of a foundat ion is gi ven [ 
below. L 
The stiffness matrix for a pile is considered as the combination of 
the horizontal, rotational and vertical stiffnesses. The stiffness matrix ( 
for a 2 dimensional pile shown in Fig. 5.14 may be written as: [-
! 
L 
J 
I 
1 
I 
I 
I 
I 
I 
] 
J 
1 
J 
o 
o 
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LlH 
e (5.19) 
The vertical stiffness is uncoupled, but the horizontal and rotational 
stiffnesses are coupled. 
The properties of the soil at a si te are determined by converting 
the standard penetrat ion tests blow count values from the bor ing logs 
into values of angle of internal friction, unconfined compressive 
strength, and modulus of elasticity (63). 
The vertical load-deformation resistance of a pile is considered as 
the sum of two components, skin friction and end bearing. For uplift, 
only skin friction contributes to the resistance. The load-deformation 
relationships for the skin friction and end bearing were defined as 
functions of the type of soil, angle of internal friction, and compres-
sive strength. The vertical load-deformation relationship for the pile 
is determined by applying a increment of displacement, evaluating the 
applicable resistance, and summing the total resistance. The displace-
ment is then modified to account for the axial rigidity of the pile. A 
typical vertical load-deformation plot for a pile is shown in Fig. 5.15. 
To determine the horizontal load displacement and moment rotation 
resistance of a pile, the pile is modeled as beam column segments with 
nonlinear horizontal springs at the nodes to model the soil resistance. 
A schematic drawing of the pile model is shown in Fig. 5.16. The 
resistance of the soil is defined by the load-deformation (p-y) 
68 
characteristics of the springs. The construction of the p-y curves with 
depth involves determining the ultimate resistance, p , in force per unit 
u 
length of the pile, determining the initial tangent stiffness, E , and 
s 
fitting a curve to match p and E . This procedure is outlined in Ref. 20 
u s 
for sands and clays. A ser ies of typical p-y curves wi th depth for a 
sand is shown in Fig. 5.17. Once the bending stiffness of the pile and 
all the p-y curves have been defined, the load-displacement or moment 
rotation curves for the pile can be determined by constraining the top of 
the pile against either rotation or translation, incrementally applying a 
force or moment to the top of the pile, and solving for the displacement 
or rotation. The horizontal and rotational stiffnesses, K11 and K22 in 
Eq. 5.19, are determined by the secant stiffness or" the load deformation 
curves. The coupling stiffnesses, K12 and K21 , are determined by divid-
ing the moment or force required to constrain the top of the pile by the 
displacement or rotation. Al though for nonlinear problems K12 ~ K21 , 
they are usually set equal. 
The stiffness of the pile group is determined from the stiffnesses 
of the individual piles and the configuration of the group. The hori-
zontal translational stiffness and rotational stiffness of a group is 
calculated by a program which applies a unit rotation or displacement to 
the pile cap and sums the resultant forces and moments from the individ-
ual pi les. To determine the final stiffnesses of the springs to model 
the foundat ions, the contribution of the rotational and translation 
stiffnesses of the embedded pile cap were added to the stiffnesses of the 
pile group. Equations derived for a rectangular footing in an elastic 
half-space were used to determine the stiffnesses of the pile cap. 
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5.6 Modeling of Abutments 
To determine the load-deformation relationship of abutments, espe-
J cially in the longitudinal direction, several sophisticated procedures 
have been used (4,5,20). For this study, although it was recognized that 
1 the abutments playa major role in the overall response of a bridge, a 
simple analysis was performed to determine the stiffnesses of transla-
tional and rotational springs to model the abutments. The simple analyses 
1 were used in part because the properties of the soil behind the abutments 
is usually not well known and may change with time. Also, the stiffness 
I of an abutmer.: may be influenced by the presence of an approach slab or 
J other fac~c;s that would be difficult to determine explicitly in an 
analysis. :;--.e procedure used to calculate the stiffnesses are given 
J below. 
Fo; t~.i;.· ;:""t::::r.:inary analysis of a bridge for design purposes, Cal-
I Trans ~as Ct::-:t~·::!r.ed stiffness coefficients for abutment backfills and 
] piles ~,t following values are suggested for average backfill 
con d :. ':. :" ~. ~ . 
• 280 kips/in./linear ft. of wall or footing 
1 ~: kips/in./each 45 ton, 70 ton or 16 in. CIDH pile j 
.. a:l used in the calculation for KS must be chosen 
caref~~::,. ''', :::;;-.gitudinal direction, only 1/2 of the width of the 
J abutrner.: ~~.~ ~5~: to calculate the elastic spring stiffness at each 
abutment s:r;2t: t!1e soil behind an abutment is capable of resisting motion 
i 
I 
1 in one direction only. For the transverse direction, the wingwalls are 
not fully effective for their entire length and some judgment is required 
J 
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to calculate a realistic stiffness. Also, the soil on the inside of an 
abutment is more effective in resisting motion than the soil on the out-
side. As a general rule in the calculation of the transverse stiffness, 
it was assumed one wingwall was fully effective for its entire length and 
the other wingwall was 1/3 effective (22). 
For bridges in which the abutment was monolithic with the deck, the 
rotational degrees-of-freedom at the abutments were fixed. For bridges 
where the deck rested on elastomeric bearing pads, the transverse stiff-
ness was assumed to be very small until the deck contacted the abutment. 
At that point the translational stiffness of the abutment was used. On 
unloading the same force-deformation curve for loading was followed. 
Therefore, no hysteretic energy was dissipated by the abutments. The 
rotational stiffness of the decks resting on bearing pads about the 
vertical axis was zero. About the longitudinal axis of the deck, the 
stiffness was calculated by considering the average axial stiffness and 
geometry of the bearing pads (54). 
5.7 Modeling of Deck 
The deck stiffness was modeled by elastic beam elements with shear 
deformation included. All elements were prismatic and straight with no 
expansion jOints between the abutments. The stiffness matrices for the 
degrees-of-freedom used in the transverse or longitudinal analysis shown 
in Figs. 5.18 and 5.19 are given below (7). 
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-J 1 2)' -12)' 0 0 6L )' 6L )' 
) 12)' 0 0 -6L )' -6L )' 
GJ GJ 0 0 
1 L L KT GJ (5.20) syrrnn. L 0 0 
-j (4L2+12g))' ( 2L 2 -1 2g ) )' j 
] (4L2+12g))' 
~ 
J 
1 AE AE 0 0 0 0 L L 
AE 0 0 0 0 
J L 6L )' 6L )' 12)' -12)' 
I KL 
(5.21) 
symm. 1 2)' - 6L), - 6L), 
] (4L2+12g))' (2L 2_1 2g))' 
(4L2+12g))' 
where: 
j 
)' EI 
L 3+12Lg j 
I and 
.J 
EI 
.--! g = AGE 
'",l. 
1 
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The values of El, AG and GJ for the transverse stiffness, and El, AG 
and AE for the longitudinal stiffness of the deck were determined from 
the properties of the concrete and the section properties of the deck, 
modified to take into account actual values of the properties measured 
from field tests on full scale bridges. 
The elastic modulus, E, was calculated from the design strength of 
the concrete, fl, by the formula (46): 
c 
E = 57,000 If7 
c 
(5.22) 
The elastic shear ~csulus, G, is related to E by: 
G (5.23) 
where v = ?::S5:~': ~a::c of concrete which was taken as 0.2. 
Severe.: ... ~.:s,.c.~.- :'-, s:udies have been conducted to determine actual 
pro per t i ~ ::: :::- ~ ~ . ~ _. ~ ~ :~. t ~ e fie 1 d by full s cal e t est s ( 8 , 1 5 ) . Ca 1 Tr an s 
recently :::::.:-: _.- . _ "'2 year study of ambient vibration measurements 
and e12s: .. : ,:- 57 highway bridges (15). The results of the 
-<:::;g and torsional moments of inertia of rein-
forced c="·~,, :" _ :r-:?ssed concrete decks are shown in Tabl'e 5.1. 
Average ";21.~·· - :-~~:s of inertia in Table 5.1 were used to model 
the de:..: - _ :~er study of the properties of a reinforced 
concre te Yo: e.~' .. .· .. as conducted using hydraulic rams and quick 
s~:~e:ted the bridge to relatively large forces in 
the transverse c: .:r':?:: .:J:-i (8). Maximum lateral forces were 1/2 times 
the design earthquaKe loads on the bridge (0.10g maximum acceleration 
during tests). The results l in addition to confirming the values of the 
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moments of inertia in Table 5.1, gave values of the effective shear area 
of 0.2-0.3 times the gross area of the deck. Therefore, for re inforced 
concrete decks the effective shear area was taken as 25 percent of the 
gross area. For prestressed concrete decks the shear area was taken as 
50 percent of the gross area. For the axial stiffness, the gross area of 
the deck was used. 
5.B Stiffness Matrix and Mass Matrix of Overall Structure 
The stiffness matrix of the overall structure was formed from the 
c:)r.~; itJutions of the individual elements. The degrees -0 f-fr eedom wer e 
a;;a:.~e:J to separate the displacement and rotational degrees-of-freedom 
ar.: :~e ~atrix subdivided so that the rotational degrees-of-freedom could 
~E COi.dE~sed out. By assuming that the externally applied moments equal 
ZE;C, :~E condensed stiffness matrix can be formed as follows: 
~DISP ~- KU:J 
[KLL I KROJ (5.24) ·V 
(5. 25 ) 
>::JND= [KDISP] - [KUR] [KROT]-1 [KLL] (5.26 ) 
KCJ~J ~ust be stored as a full matrix and KUR ~ KLLT since the stiffness 
matrix of the piers is not symmetric in general. However, full advantage 
was taken of the banded, symmetric form of KROT in storage and inversion 
in Eqs. 5.24 and 5.26. 
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The mass matr ix for the structure is lumped at the nodes wi th no 
rota t ional masses cons idered. Therefore, the matr ix was stored as a 
vector. 
5.9 Damping Matrix ror Structure 
The damping matrix was constructed as the linear combination 
of the mass and stiffness matrices as shown in Eq. 5.27. 
[C] a. [M] + C;; [K] (5 .27 ) 
where C is the damping matrix. 
The coefficients a. and C;; were obtained by solving Eq. 5.28 for the 
damping factors in the first two modes (42). 
S1 
where S. is the damping factor for the ith mode. 
1 
5.10 Correction of Unbalanced Forces and Moments 
(5. 28 ) 
During the analysis, the stiffness of the structure is assumed to be 
constant dur ing a time step. When the force (or moment) in a pier or 
spring element exceeds a breakpoint force, the stiffness of the structure 
changes. At the end of each time step the forces in the members are 
corrected so as to satisfy the force deformation curve of the member as 
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shown in Fig. 5.20. This correction results in an unbalanced force at a 
node. All of the unbalanced forces are corrected out of the structure at 
each time step by applying the unbalanced forces at the nodes, solving 
for the residual deformations, and applying the residual deformations to 
the total deformations at the end of the time step. 
5. 11 Effect of Gravity Loads 
The effect of gravity loads on the softening of the stiffness of the 
piers (P - I::, effect) was included in the analysis. A deflected pier 
element wi th a vertical load of P applied is shown in Fig. 5.21. The 
shear forces due to the vertical load are: 
V top 
V bottom 
p(Xtop - Xbottom) 
L 
p(- Xtop + Xbottom) 
L (5.29 ) 
The restoring force on the element is the OPPOSite of the shears calcu-
lated in Eq. 5.29. The P - I::, effect is included by subtracting from the 
stiffness matrix of the piers the matrix shown in Eq. 5.30. 
I::,P
A 
P P 
I::, X A L L 
(5.30) 
I::,PB P P I::,X B -L L 
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5.12 Comparison of Calculated Load-Deflection to Test 
In order to see how well the model could calculate the cyclic load-
deflection relationship of an actual member, the static load-deflection 
calculated by a model was compared to the results of a test on a rejn-
forced concrete spec imen. The calculated and measured load-deflection 
curves are plotted in Fig. 5.22 for two cycles of loading. The measured 
data and properties of the member are from Ref. 24. From Fig. 5.22 it is 
seen that the model calculates the load-deflection relationship of the 
member fairly accurately. Also, with the exception of the unloading from 
the fi:'"'s': half cycle, the hysteresis relationship (without pinching 
stiffness) fQllows the actual load-deflection curve very well. 
5.13 Integration of Equations of Motion 
7~;,::· ~""J2ejure to integrate the equations of motion for the bridge 
struc: ... ~·,::,~ ~s slmi lar to that used for the SOOF systems. The incremental 
equa':lJ~S ~~ ~J':ion for a structure may be written: 
....• ~C~ L~u} + [K] {t;U} - (H} (t;Y} (5.31 ) 
.. 
where ~._, 3~: 6U are the incremental relative displacement, velocity, 
and a:-':<:':-:':'"'2::2:: vectors; and t;Y is the incremental base acceleration 
vector. 
Newmark's B~:a method with S = 1/4 is used to solve Eq. 5.31. Equations 
2.8-2.11 ~ay be used with vector representations of the incremental and 
total displacements, velocities, and accelerations substituted. Substi-
tuting these equations into Eq. 5.31 yields an equation of the form: 
\ 
i 
I 
f 
r·· 
L 
r 
1 
l . 
f 
\ 
L-.. 
j 
1 
J 
J 
1 
] 
J 
I 
) 
J 
I 
] 
" 
1 
J 
1 
1 
.J 
. ..l 
'.) 
0( 
i 
-
77 
[A] {~U} {B} (5.32) 
where: 
[A] 
and 
The incremental relative displacement vector can be determined by solving 
Eq. 5.32. Incremental velocities and accelerations are determined from 
Eqs. 2.10 and 2.11 and total displacements, velocities and accelerations 
updated. 
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CHAPTER 6 
ANALYSIS OF BRIDGE MODELS 
6.1 Introduction 
In Chapter 2, the inelastic design method was evaluated based on the 
response of SDOF oscillators to earthquake ground motions. In this chap-
ter realistic bridges, designed by CalTIrans or designed according to the 
ATC-6 response spectrum design method, are evaluated. A total of four 
actual bridges designed by Cal Trans and 27 hypothetical bridges are sub-
jected to the artificial time history described in Chapter 3. The primary 
goal of this study is to estimate the expected damage to the bridge piers 
designed by current specifications. The ductility demand and the damage 
index described in Chapter 4 are used to evaluate the performance of the 
bridges. The expected damage to the hypothetical bridges is evaluated for 
different design assumptions and detailing requirements for the piers. 
The effect of using different response modification factors on the over-
all performance of the hypothetical bridges is evaluated. Also, an 
example is given showing how the results for the SDOF oscillators in 
Chapter 2 and the damage index can be used to evaluate the expected 
damage to an existing bridge subjected to a future earthquake. 
Research on the nonlinear behavior of highway bridges prior to the 
1971 San Fernando earthquake is limited. However, the failure of bridges 
and their components during the earthquake provided a stimulus to 
research needs in the analysis and modeling of bridges and their 
components. 
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The nonlinear behavior of modern reinforced concrete highway bridges 
can be attr ibuted to many effects, some of which have been studied by 
other researchers. These factors include interaction of the bridge with 
the soil behind the abutments (4,5), inelastic response of the founda-
tions (20,49,55), the presence of hinges, restrainers, and_expansion 
joints in the deck or between the deck and the pier caps (34,37,54,65, 
67), and the behavior of reinforced concrete piers (37,50, 55,65). Sev-
eral computer programs have been wr it ten recently that include some of 
these effects to analyze the inelastic response of a bridge to seismic 
motions (4,16,37,55,65). 
6.2 Analysis of Real Bridges 
The real bridges chosen for study were selected because they 
represented a wide range of parameters that could be studied. These are 
bridges that have been designed by CalTrans engineers for specific sites 
in California. Structural plans of the piers and an overall elevation of 
the four bridges are shown in Figs. 6.1-6.4. The names of the four 
bridges are: 1) San Fernando Road Overhead; 2) Cedar Valley Overcrossingj 
3) North - LA Connection; and 4) San Simeon Creek Br idge. Each bridge 
was subjected to two levels of ground motion in the transverse and 
longitudinal directions. The artificial accelerogram described in Chap-
ter 3 was used as ground motion input. For the first level the effective 
peak acceleration of the artificial accelerogram was 0.4g. Th is was 
re ferred to as the des ign leve 1 earthquake a I though the se ismic forces 
that were determined at the time of the design for the bridges considered 
in this study did not necessar i ly correspond to a 0.4 g effect i ve peak 
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acceleration in the design analysis. In the second level of loading the 
bridges were subjected to 0.7g effective peak acceleration for the arti-
ficial accelerogram. This was referred to as the maximum credible 
earthquake. The value of 0.7g was selected since this is the maximum 
acceleration used in the design of highway bridges by CaITrans (14). 
All bridges were considered as straight and non-skewed in the rnodel-
ing. Any column flares were not accounted for in the modeling of the 
piers. Nodes for the e lemen ts and lumped masses were placed at all con-
nections between the decks, piers and foundations, and at midpoints of 
the dec k spans. It was found that placing additional nodes at the 
quarter-points of the spans of the bridge gave little difference in the 
total response and frequencies of the bridge. In add it ion, using a 
program to model a bridge similar to the one used in this study, other 
researchers have found that models without nodes at the midpoints of the 
spans did not lead to pronounced inaccuracies in the calculation of the 
free-vibration and earthquake response of the bridge (55). Translational 
and rota t ional spr ings were placed at the pier founda t ions and at the 
abutments. Procedures used to determine the properties of the decks, 
foundations, abutments, and piers were explained in Chapter 5. 
The results of the analyses of the real bridges focused mainly on 
the response of the pie rs. The maximum displacement and ductility and 
the hysteretic energy dissipated by the piers were used as parameters in 
the damage index equation. In addi tion, the maximum force in and dis-
placement of the abutments was noted to determine whether the abutments 
would be damaged. From assessments of damage that have occurred to 
abutments during previous earthquakes, movement of 0.2-0.3 ft. is the 
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maximum that can occur before damage is visible (22,60). Also, a static 
design analysis using the ATC-6 single mode response spectrum method and 
J 0.4g effective peak acceleration, was performed in order to compare the 
design forces to the actual strength of the bridges and the forces that 
occurred during the ground motion. Theresul ts __ of.the_ analyses on each 
) of the four bridges is given next as well as a summary of the properties 
. J and major features of each of the bridges. 
] 
6.2.1 San Fernando Road Overhead 
I The San Fernando Road Overhead was one of several bridges that was 
severely damaged and later demolished as a result of the 1971 San 
1 Fernando earthquake. Structural plans of the bridge are shown in Fig. 
] 6.1. The location of the bridge was less than 10 miles from the source 
of the San Fernando earthquake. The damage caused by the ear thquake 
I resulted in the complete destruction of the concrete core at the base of 
] the pier as seen in Fig. 6.5. The abutments were monolithic with the deck and suffered some damage during the earthquake. 
The longitudinal reinforcing in the column consisted of a large 
number of very large (118) bars tied with very little transverse rein-
1 forcement Uf4 @ 12 in.). The combination of a large longitudinal rein-
1 
forcement ratio (p t = 4.6 percent) small transverse reinforcement ratio 
J (p = 0.09 percent) led to a very large yield moment but a very small w . 
1 calculated ultimate ductility. The ductility calculated by Eq. 4.5 for 
J 
the pier in the transverse direction was 1.7. This alone would indicate 
that any ground motion that caused the pier to yield would cause severe 
damage. 
J 
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As part of an earlier study by the author and Foutch (12), a model 
of the San Fernando Road Overhead was subjected to the S14°W Pacoima Dam 
accelerogram which had an effective peak acceleration of about 1.0g. The 
Paco ima Dam accelerogram would probably be slightly greater than the 
ground motion that occurred at the site of the bridge since the Pacoima 
Darn accelerogram was recorded at a distance to the source of the earth-
quake that was slightly less than the distance of the bridge to the 
source. The damage index calculated for the pier was 1.5 which indicated 
that collapse of the pier would be expected. Even if the intensity of 
the ground motion at the site was slightly less, the damage index for the 
pier would still be close to or greater than 1.0. Therefore, the damage 
index correctly predicted the behavior of the pier during the earthquake. 
The moments in the pier for the 0.4g analysis were well below the 
yield moment for the transverse direction. However, the damage index for 
the pier was 0.41 which predicts that damage would be moderate. For the 
0.7g analysis, the moments in the pier were still below the yield moment, 
however, the damage index was 0.92 which predicts the pier would be near 
collapse. The static design analysis showed that the design moments would 
be much lower than the actual yield moments for the piers. The moments 
in the pier resulting from the design and 0.4g analysis are shown in 
Table 6.1. Since the piers did not yield, the maximum force in the abut-
ment for the O. 4g analysis was approximately the same as the design 
force. In the longitudinal direction, the abutments resisted almost all 
of the force (as should be expected) and the pier carried very little 
force. Therefore, very little damage was predicted for the pier. The 
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maximum displacement of the abutments were lower than what would be 
expected to cause damage. 
It should be noted in Table 6.1 that the moment calculated from the 
dynamic analysis is considerably smaller than the moment computed for the 
static analysis even though the accelerogram used was nearly compatible 
with the elastic design spectrum and no yielding of the steel occurred. 
The reason for this is that cracking does occur during the dynamic anal-
ysis. This leads to a larger effective period for the bridge and smaller 
moments than for the elastic static analysis where the piers were assumed 
to be uncracked. This phenomenon is seen in other examples, as well, and 
indicates tr.at inelastic behavior occurs well before yielding of the 
longitudi~a. ~~ee:. 
6.2.2 Cedar Valley OVercrossing 
ThE' :t-Cjr \'a2.1ey Ove~crossing was also shaken during the 1971 San 
Structural plans of this bridge are shown in 
Fig. t.~. ~ "'::a:lon of the bridge is about 15 miles from the source 
of tne : . .1.:' >. - •. ir . .:l'::: earthquake which is not as' close as the San Fernando 
RoaC :\. ~-.. :.;~,,~ge to this bridge was limited to settlement of the 
app;oa.::" ~.. .1' ~ ~~:lure of a shear block at one abutment. The bridge 
is S~~;-·· : .' ~ .r~ .:.' on spread footings. The piers are two column bents 
'" ~~:1t resistance at the base and limited transverse 
reint'o:"'c{::!"' -'. :--~. ;lers were modeled with a weakened base as explained 
in Sect. : .... :-:-i€ two columns were modeled as a single column with a 
rotational s~;~ng at the top to account for the additional rotational 
resistance of the two colUmn bent. The transverse reinforcement details 
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are simi lar to the San Fernando Road Overhead, which results in a low 
calculated ultimate ductility_ The ductility for pier 1 was calculated 
by Eq. 4.5 as 1.6 which is less than the ductility calculated for the San 
Fernando Road Overhead. However, no visible damage occurred to the piers 
during the San Fernando earthquake. 
For the transverse direction, the moments from the 0.4g analysis at 
the top of the column are less than the yield moments. The damage index 
for the columns in pier 1 was calculated to be 0.4. For the O. 7g analy-
sis, the maximum moments in the columns are still less than the yield 
moments, however, the damage index for the columns in pier 1 was 0.98. 
The damage index for the co lumns in pier 2 was 0.67. The damage index 
for pier 1 for the o. 7g long i tudinal analysis was' 0.29. In both th is 
br idge and the San Fernando Road Overhead, the use of the damage index 
for members where the moments are less than the yield moments may be 
questionable, especially with regard to the amount of damage that would 
be observed for a damage index of less than one. This is probably why no 
damage was observed for the piers of the Cedar Valley Overcrossing even 
though the damage index predicte d some damage for the leve 1 of ground 
motion the bridge experienced. However, for piers where the ultimate 
ductility is small, the damage index does give an indication that the 
pier may be severely damaged or collapse for cases where the actual 
moments are close to the yield moments. 
The maximum displacement of abutment for the 0.7g transverse 
analysis was 0.19 ft. For the 0.7g longitudinal analysis, the maximum 
displacement at abutment 1 was 0.14 ft. These values are slightly less 
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than the displacement at which damage to the abutments would be expected 
to occur. 
As seen in Table 6.2, the actual yield moments for the piers are 
greater than the design moments from the static analysis. The lack of 
sign if icant damage to. the piers wa_s prob2l:bly due. to the ground rno tions 
at the si te of the Cedar Valley Overcrossing not being as severe as at 
the locat ion of the San Fernando Road Overhead, however, it is ev iden t 
from this analysis that the Cedar Valley Overcrossing would be.in danger 
of collapse if it was subjected to the same level of excitation that 
damaged the San Fernando Road Overhead. This bridge is a good candidate 
for retrofitting where strengthening of the columns to provide more 
co~~inement and a larger ductility capacity should be considered. 
6.2.3 North - LA Connection 
The North - LA conne_~tion was or iginally designed prior to the San 
Fe~;: anee ea rthquake. The bridge was redesigned in 1974 by the new 
Ca2~ans c::>de. The only outstanding feature of this bridge as seen in 
~ht- ;:;la;;s in Fig. 6.3 are the tall piers. The abutments are monolithic 
a;.c :.":t: footings are supported on piles. The longitudinal reinforcing 
~. 75 percent) in the piers is continuous to the footings and 
conrlne~ by spirals (p = 0.51 percent). The bridge has not been shaken 
w 
by any significant ground motions. 
Due to the fact that the piers of the North - LA connection are 
tall, the bridge is relatively short, and the abutments are monolithic, 
the response of the bridge is dominated by the interaction of the deck 
and the abutments. Since the piers are spirally reinforced, the 
86 
confinement gives the piers a relatively large calculated ductility 
capacity of 12 for piers 1 and 2. The maximum moments in the piers dur-
ing the 0.4g and 0.7g analyses are well below the yield moments. There-
fore, the damage index calculated for the piers for the 0.7g analysis is 
f;less than 0.10. The actual yield moments in the piers are much larger 
than the design moments from the ATC-6 design analysis as seen in Table 
6.3. The displacements for the abutments for the 0.7g analyses in the 
longitudinal and transverse directions are less than what would be 
expected to cause damage. The good calculated behavior of the piers of 
the North - LA connection can be at tri buted to both the fact that the 
actual yield moments are significantly greater than the design moments 
which gives a much lower effective response modification factor, and the 
large ultimate ductility means that little damage would be expected until 
the actual displacements are significantly greater than the yield 
displacements. 
6.2.4 San Simeon Creek Bridge 
The San Simeon Creek Br idge was des igned in 1982 by the current 
Cal Trans spec i fica t ions. The main feature of this bridge is that the 
abutments are not monolithic with the deck. The deck rests on elasto-
mer ic bear ing pads and a gap exists between the deck and the abu tmen ts. 
Since the gap between the deck and the abutments is small, it was assumed 
in the 0.4g analysis in the transverse direction that the deck was pinned 
at the abutment. For the 0.7g analysis is was calculated that the shear 
block restraining the deck at the abutment would shear off and, 
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there fore, it was assumed that the deck would be free to slide at the 
abutment. This bridge has not yet been built. 
The San Simeon Creek Bridge is characterized by fairly long spans, 
short and stiff piers, and abutments that are not monoli thic wi th the 
abu tments . Therefore, the piers played a more important role in the 
response of the bridge. The transverse reinforcing for the piers con-
sists of closely spaced spirals (p = 0.71 percent). 
w 
Therefore, the 
large degree of confinement gives a calculated ultimate ductility of 16. 
For the 0.4g analysis in the transverse direction, the deck is assumed to 
be pinned at the abutments. The moments in the piers are less than the 
yield moments and the damage indexes for the piers are less than 0.10. 
The maximum displacement of the abutments was 0.16 ft. so no damage would 
be expec te d for th is leve 1 ground mo tion. However, if the abu tmen ts 
remained pinned for the more intense ground motions, some damage would be 
expected to occur to the a.2utments. For the 0.7g transverse analysis the 
deck is assumed to be free to slide at the abutments. The maximum moments 
in the piers are larger than the yield moments. However, since the duc-
tili ty capaci ty of the piers is large, the damage index for pier is 
calculated to be only 0.10. In the longitudinal direction, the maximum 
displacement of the abutments for the 0.7g analysis was 0.24 ft. There-
fore, some damage would be expected at the abutments. However, the anal-
ysis assumed no gap between the deck and the abutment. A gap would reduce 
the total force acting on the abutment because the piers would pick up a 
significant amount of the total shear before contact had been made. This 
would reduce the damage potential for the abutments. The damage index 
for the piers in the longitudinal direction was small. The yield moments 
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in the piers were greater than the design moments from the ATC-6 analysis 
assuming both pinned and free abutments as shown in Table 6.4. 
6.3 Discussion of Results 
The bridges analyzed in the previous sections fall into two categor-
ies. For the first type, the bridges were designed and built prior to 
the San Fernando earthquake. These bridges typically have a relatively 
large amount of longitudinal reinforcement but very little transverse 
re in forcement and small anchorage length. The ab i li ty of these bridges 
to res is: earthquake ground motions relies on the ability of the piers to 
resis: :he forces without the moments in the piers approaching yielding. 
If the ~ i e rs are sub j ect ed to forces that cause y ie Id ing in the piers, 
the du~:~:::y and reserve capacity of the piers is limited and major dam-
age :c :>-:e pier would probably occur. The bridges in the second group 
were c:es:;::'?: according to the improved codes developed in response to 
the less :;:-:5 :earned from the San Fernando earthquake br idge fai lures. 
These ~3: ::;.proved confinement and anchorage length details and the 
capac:.:] ::~ ::112 piers to resist forces after the piers have yielded was 
grea:ly :~~r:veC. For both of the second type of real bridges analyzed, 
the ~o~e:1: ca~aclty of the piers is significantly greater than the design 
momen:s :~a: a:e specified by an inelastic force design method. As can be 
seen 1:1 -:-a:-;les 6.3-6.4, the actual yield moments for the piers in both 
cases are greater than the elastic moments determined from the design 
analysis. Therefore, the ability of the piers to resist forces by 
inelastic behav ior was not really evaluated by these analyses. It is 
clear from this study that the design of the piers for the second two 
r 
i 
f:: i 
[ 
l 
I 
r [ 
r 
t 
L 
$. 
). 
~. 
1 
.J 
J 
1 
1 
J 
,1 
J 
1 
1 
1 
] 
r 
t 
I 
.1 
1 
i 
.-! 
" 
"/ 
l 
T 
J 
89 
br idges was based on requ irements other than se i smi c since the moment 
capac i ties of the piers were greatly in excess of those required by the 
des ign code. 
6.4 Analysis' of-'Hypothetical Bridges 
In the following sections results are given for hypothetical bridges 
that were des igned by the ATC-6 single mode response spectrum design 
method. For these bridges yield moments in the piers were determined 
from the forces resulting from the design procedure or by minimum steel 
requirements. The bridges were then subjected to the design level ground 
motion and the ability of the piers to resist the forces by inelastic 
behavior is examined. The purpose of the study of hypothetical bridges 
was to evaluate the expected performance of highway bridges designed in 
accordance with the latest design codes. Various par-ameters and design 
assumptions were studied tb determine their effects on the overall bridge 
response. Of particular interest were their influence on the interaction 
of various parts of the bridge, such as the piers, foundations, abutments 
and decks, and on the magnitude and distribution of forces that occurred 
during the response. 
The parameters that were var ied inc luded the number of spans, the 
number of columns for the piers, the connection between the deck and the 
abutments, the type of deck and the stiffness of the foundations at the 
base of the pier. The design assumptions and code requirements that were 
evaluated included the value of the response modification factor and the 
minimum longitudinal and transverse steel requirements. A more thorough 
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discuss ion of the parameters that were stud ied appear s in the next 
sections. 
The design forces for the bridge were determined in accordance with 
the ATC-6 single mode response spectrum static design method. The design 
spectrum used in the analyses, was anchored at either 0.4g or O.7g effec-
tive peak acceleration. The properties of the bridges used in the analy-
ses are discussed in the next sections. The time history analyses used 
the artificial accelerogram as ground motion input which was scaled to 
the level of the design spectrum. 
6.4.1 Configuration and Articulation of Hypothetical Bridges 
A schematic drawing of the hypothetical bridge Is shown in Fig. 6.6. 
The number of spans of the bridge var ied from 2 to 6. In all cases the 
bridge was assumed to be symmetric about the center pier. The piers were 
assumed to be either a single octagonally shaped column or two circular 
columns. The dimensions of the two types of columns used are shown in 
Fig. 6.7. These were chosen because of their similarity to dimensions 
used in real bridge piers. "The connection of the deck and the abutments 
was considered either as pinned or free to slide. Also, the effect of a 
gap at the abutment in the transverse direction was analyzed. Except 
where noted, the properties of the deck were determined from a typical 
40 ft. wide prestressed concrete box girder section. One case was evalu-
ated with a composite concrete slab and steel girder deck. A rotational 
spring was placed at the base of the piers to simulate the effects of 
flexible footings. The effect of varying the stiffness of the spring was 
analyzed. Several of the parameters used in the design of the piers were 
L 
7 
i { 
I 
r 
'S 
[ 
I 
t: 
[ 
r 
I 
r 
t 
i 
I 
L 
f 
·J 
1 91 
also var ied. The deta ils of the procedure used in the design of the 
piers is given in the next section . 
. 1 
6.4.2 Design of Piers 
1 The design moments for the piers were determined by dividing the 
] moments from the static analyses by the response modification factor and 
the s t r eng th red u c t ion fa c tor, ¢ , g i v e n inA TC - 6 . The value of ¢ 
J increases linearly from a minimum value of 0.5 to a maximum value of 0.9 
as the normalized axial load decreases from 0.2 to zero. Values of the 
J response modification factor as high as 10 were used. In many cases it 
J 
was found that the amount of steel required to satisfy the moment capac-
ity was less than the minimum steel requirement of 1 percent of the gross 
J area. In some cases where the minimum area of steel governed, the analy-
sis was performed with 1 percent steel so this included an overdesigned 
I moment capac ity. In other cases the analysis was performed with the 
amount of steel required strictly for moment capacity, ignoring the mini-
mum reinforcement requirement. One case where the moment capacity of the 
piers was less than the des ign moment was eva lua ted. The des i gn shear 
forces for the piers were determined by the smaller of the forces result-
ing from ei ther the forces from the elastic design analysis or the 
forces resulting from plastic moment hinging in the piers. The plastic 
1 moments for the piers were determined by multiplying the yield moment of 
J the section times the overstrength plastic moment factor of 1.3 as is 
required by ATC-6 and CalTrans . 
. 
J The amount of transverse reinforcing steel that is provided has a 
large effect on the ultimate ductility and expected damage of a pier . 
•. :>l 
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There are two requirements in ATC-6 for the area of transverse steel 
require d in the plas~ic hing ing reg ions of a pier. Fir s t , the ar e a 0 f 
steel (in conjunction with the concrete) must be able to resist the shear 
force determined above. Secondly, the area of steel must provide enough 
confinement in order to provide adequate ductility of the pier. The 
minimum areas of tied reinforcing, Ash' required to satisfy the second 
requirement is given in ATC-6 as the greater of the following equations: 
f' A 
ASh 0.30 ah ~(~ - 1 J c fYh Ac 
(6.1a) 
or 
f' 
ASh 0.12 ah 
c 
c f yh 
(6.1b) 
where: 
a is the vertical spacing of stirrups; 
A is the area of pier core; 
c 
A is the gross area of the pier; g 
f' is the compressive strength of the concrete; 
c 
fYh is the yield strength of the stirrups; and 
his the cor e dime ns i on 0 f the pie r in the direction under 
c 
consideration. 
Similar equations are given for spirally reinforced piers. 
As part of the study, alternate confinement requirements other than 
Eq. 6.1 were used to evaluate the performance of the piers. Cal Trans 
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emp loys mod if ied vers ions of E q. 6. 1 for the area 0 f stee 1 requ ired in 
the plastic hinge regions. The equivalent expressions for the area of 
tied reinforcing required that is currently used by CalTrans for columns 
3' or greater in diameter is the greater of the following equations (22): 
or 
f' A 
0.30 ah ~ (~ - 1) 
c fYh Ac 
f' P 
0.12 ahc fC (0.5 + 1.25 f'~ ) 
yh c g 
and for columns 3' or less in diameter: 
P f' A 
0.30 ah ....£ (~ 
c f A yh. c 
1 J (0. 5 + 1. 25 f'~ ) 
c g 
where P is the axial load on the pier. 
e 
(6.2a) 
(6.2b) 
In all cases the aoount of reinforcing required to satisfy the shear 
requirements must be met. The confinement requirements given by Eqs. 6.2 
and 6.3 were used in the analyses of the piers to determine what effect 
the smaller confinement had on the damage index. 
6=5 Results of Analyses of Hypothetical Bridges 
~ A summary of the analyses of hypothetical bridges is given in Tables 
1 
S 
.:1 
J 
6.5-6.7. In Table 6.5 the description of the bridges, the properties of 
the bridges needed for design purposes, and the results of the elastic 
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static design analyses are presented. The designation of each example 
appears in Table 6.5 and provides important information about the differ-
ent cases studied. The first number in the name of the bridge is the 
number of spans. The next numbers are the length of the spans from the 
end to the center of the bridge. The next number is the number of columns 
in the piers. The letter signifies if the connection of the deck to the 
abutment is pinned (P), free to slide (F) or a gap (G). The number after 
the G is the width of the gap in inches 0 The last number is the acceler-
ation level of the design spectrum. Finally, a L indicates that the 
analysis was for the longitudinal direction of the bridge. The remaining 
column headings for Table 6.5 are as follows: KB is the rotational stiff-
ness of the springs at the base of the pier; N is the axial load acting 
o 
at the base of the pier divided by the area of the pier times the com-
pressive strength of the concrete; f is the fundamental frequency of the 
bridge; C is the elastic seismic response coefficient from ATC-6; MUD 
and VUD are the unfactored base moment and shear for the pier from the 
elastic static design analysis; FUA is the unfactored force acting on 
the abutment; R is the response modification factor used to reduce the 
design moment; MD is the design base moment with the Rand cp factors 
applied; My is the actual yield moment used in the analysis (an asterisk 
indicates that the yield moment was determined by the 1 percent minimum 
longitudinal steel requirement); and finally, VD is the design shear for 
the piers. 
In Table 6.6 the results of the inelastic time history analysis of 
the bridges are given. The expressions used in Table 6.6 are as follows: 
o is the displacement at the top of the pier when the moment at the base y 
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is at first yielding; c is the maximum displacement obtained at the 
max 
top of the piers during the response; M and V are the maximum base 
max max 
moment and shear in the piers obtained during the response; cA and FA are 
the maximum displacement that occurs at the abutment and the largest 
force acting on the abutment during the response; E is the total 
max 
amount of hysteretic energy dissipated by the piers; and Q is the shear y 
force in the pier when the moment at the base is at first yielding. Table 
6.7 contains the results of the damage index calculations for the piers 
for different confinement requirements. The values of the parameters are 
from the equa:ions given in Chapter 4. The expressions in Table 6.7 are 
as follows: : is the parameter in the damage equat ion determined by 
Eq. 4.6; ~ :s :~e ultimate ductility calculated by Eq. 4.5 for the amount 
of tra:1sve~st:· ~ei~forcement given by the larger of the expressions given 
is the yield displacement of the pier minus the dis-
:".c! x 
placerne:.t .:1: :V·.t- :op of the- pier due to the rotation of the foundation 
times t~.t ...... ;,,;.:~ cuctility; C /6 and BE /6 Q are the first 
max u max u y 
max max 
and se=0~: :.--~ -~ the damage index equation and D is the sum of the two 
terrr.s; .. ' .... : :mate ductility calculated for the arrount of trans-
versE:' ;> . i i.~~~ by the larger of the expressions given by Eq. 6.2 
or 6. ~; ". ":'.:::"".:;ge index corresponding to lJ'; lJ" is the ultimate 
dUC:l:~:' ... ' ... ~ [or the amount of transver se re inforc ing gi ven by 
the S~j ~ _ •• , '. f- t'x;:ressions in Eq. 6.2; and D" is the damage index 
corres~or . .:: .' i . I f no va 1 ue of lJ' or lJ" is given in Tab 1 e 6.3, 
the aroc>un: c~ ~e:r.=orcing required for shear is greater than the arrounts 
given by Eq. 6.2 or 6.3. 
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6.6 Effects of Parameter Variation on Response of Hypothetical Bridges 
The effects of varying the parameters of the bridges were analyzed 
with regard to both the nonlinear responses of the piers and the compari-
son of the actual forces from the nonlinear time history analyses to 
forces obtained from the design analyses. The response of the piers were 
evalua ted from the duct il i ty demand and the damage index ca lcula t ions. 
The forces that occurred in the abutments and shears in the piers were 
compared to the values that were determined in the design analysis. The 
effects of the parameters were evaluated by compar ing the responses of 
different cases shown in Tables 6.5-6.7. Although only a few cases were 
studied for each variation, it was attempted to make the types of bridges 
and parameter variations as broad as possible so that general conclusions 
could be made. Some parameters had a greater impact on the response than 
others, and these will be discussed more thoroughly. The responses of 
the br idges are compared and evaluate d for indi v idual par ameter var ia-
tions in the next sections. Unless otherwise stated, the behavior under 
discussion is for bridge response in the transverse direction. 
6.6.1 Number of Spans 
The deck of a highway bridge is generally much stiffer and stronger 
than any other component. In all of the analyses done for this study, 
the deck always remained elastic. Therefore, for bridges with pinned or 
fixed abutments, the response of the piers is more important in the over-
all response of the bridge as the number of spans increases. Th is is 
because the deck becomes relatively more flexible as it gets longer. The 
effect of varying the number of spans can be seen by comparing the 
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response of cases 1, 5 and 21 where the number of spans increases from 2 
to 4 to 6 for a bridge with pinned abutments. 
As the number of spans increases, the ratio of the actual force act-
ing on the abutment to the des ign force increases. In fact, for the 4 
and 6 span bridge the actual abutment force is significantly larger than 
the design force. This is extremely unconservative for any connec~ion 
between the deck and the abutment, for the design of the abutment and the 
design of the foundation for the abutment. The increase in the actua I 
abutment force to design force is due to the fact that as the number of 
spans increases, the piers carry a larger share of the design load rela-
t i ve to the a bu tments. As th e pie r s y i e I d d ur in g the tim e his tor y 
response, the load is transferred to the abu tments. Since the force on 
the abutments in the elastic analysis was relatively smaller for the 
larger number of spans, the relative increase in the force is larger. 
The ducti Ii ty demand -and damage index for the center pier increases 
as the number of spans increases. The ducti Ii ty demand for the center 
piers increases in this manner since they are not held back by the stif-
fer deck aSSOCiated with the shorter bridge. Thus, the response is 
determined more by the inelastic behavior of the piers instead of the 
elastic behavior of the deck and abutments. Consequently, the ductility 
demand is closer to the R value used in the design and the damage index 
for the piers is larger. 
The design shear in the piers is much larger than the actual shear 
even though the yield moment at the base is exceeded. This is due to the 
relatively low value of torsional stiffness between the deck and the 
abutments. The low torsional resistance means that for a single column 
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pier, the maximum moment at the top of the pier is significantly smaller 
than the yield moment. Therefore, the maximum shear that can be devel-
oped in the pier is much smaller than the des ign shear where the fully 
plastic moment is assumed at both the top and bottom. 
It is observed that the ductilities for the piers were less than the 
value of R used in the design. Also, the damage indexes were extremely 
low. These phenomena were observed in almost all of the cases studied 
and the reasons are discussed in Sect. 6.7. 
6.6.2 Number of Columns in Piers 
Both the ATC-6 and CalTrans specifications allow a larger R value 
for mult iple co lur-:-. piers than single column piers to account for the 
increased reduf,car.:/ a'1d stability inherent in multiple column bents. 
The responses c ~ ::r- l~ges wi th different number of columns in the piers 
can be compa:""'e'~ ~-':- ~ases 9 and 15. Both bridges are 4 span with free 
abutments. -;.~: single column piers designed with R of 3 while 
case 15 r.as .... -r ;lers designed with R of 5. Even though the R 
value for ~r:. :~:-:. pier is larger than the single column, the 
calculate:: ....... :~. -.!;.:: is larger for the single column. This is due 
to the fa::: single column pier there is Ii ttle moment 
resistance d~ .'" ~ :ne pier, therefore, all the inelastic behavior 
occurs at. tht ... "': ;:; i er . For the two co lumn pier, however, the 
frame actior. c:- :~ ..• -.~. ;::'~:>vides a large rroment resistance at the top of 
the pier. There[c;>::. ~ne moments and inelastic behavior are distributed 
evenly between the top and bottom of the pier. Since the moments are 
approximately equal and greater than the yield moment at the top and the 
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bottom of the pier for the two column pier, the maximum shear forces in 
the two column pier are closer to the shear forces determined from a 
plastic analysis than the shear forces for the single column pier where 
the moment at the top of the pier is much lower than the y ie ld moment. 
Finally, the damage indexes for the single and two column piers are 
approximately the same . This shows the validity of using a larger 
response modification factor for the multiple column piers. 
6.6.3 connection of Deck and Abutment 
In the des ign analysis the connection between the deck and the 
abutmer.t is usually assumed to be either pinned or free to slide. For 
ttle actual ~esponse of many bridges, neither condition completely rep-
~ese~ts the actual behavior of the connection. A more realistic condi-
tlO~ wo~ld be where a gap exists between the deck and the abutment. The 
ga~ would be provided fbr~hermal expansion, for ease of construction, to 
~e~uce the design force on the abutment or for other reasons. The effect 
of a gap on the behavior of a bridge can be evaluated by comparing cases 
1 C , ' .:::. · 3 and 14. Case 10 was desi gned and ana lyzed cons ider ing the 
dec .. : :-:ee tc slide at the abutment. Cases 12, 13 and 14 use the same 
des:g~ forces as case 10, however, the bridge was analyzed with a gap of 
o i;:., 1 1/2 in. and 3 in. between the deck and the abutment. This can 
v...:cu;- ::-. :.~:: f~r;ld through construction errors or through extraneous 
material collecting in the gap. Also, the behavior of the abutment may 
be different than assumed if a shear key is overdesigned and does not 
shear off during the response. 
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One obv ious consequence of the gap at the abutment becoming smaller 
is the increase in the actual force that occurs at the abutment during an 
earthquake. Thus, if the designer assumes that the deck is free but the 
gap provided is too small, large forces may develop at the abutment that 
were not accounted for in the design. Also, as the gap at the abutment 
becomes smaller the interaction of the deck with the abutment restrains 
the displacement at the top of the pier that is closest to the abutment. 
Therefore, the ductility demand and shear force acting on the pier clos-
est to the abutment becomes smaller. These effects change the effective 
mode shape of the deck from a nearly straight line for the free abutment 
to something closer to a half-sine wave. Therefore, the ductility demand, 
shear force and damage index for the cen ter pier in"creases as the gap at 
the abutment decreases even though the abutment helps to carry some of 
the shear force as the abutment gap closes. Also, as the gap becomes 
smaller, the bridge behaves more like it would if it had a pinned abut-
mente This effect can also be seen by comparing cases 5 and 7 where the 
des ign moment and shear force on the cen ter pier are larger where the 
abutment is pinned. Therefore, the condition of the connection between 
the deck and the abutment has an important effect on the response of the 
bridge. 
6.6.4 Stiffness of Pier Foundation 
The value of the rotational stiffness of the foundation of a pier 
has a large effect on the value of the yield displacement for the pier. 
The effect of the foundation stiffness on the overall response of a 
br idge and spec if ically the damage index for the pier s is less c le ar. 
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] For a bridge with pinned or fixed abutments, flexibility of the pier foundat ions wi 11 ca use more shear to be carr ied by the dec k wh ich wi 11 
.1 generate larger abutment forces. For bridges with free abutment supports, 
flexible pier foundations will generate larger displacements for the 
1 piers. The natural frequencies will also be effected to a small· degree. 
J 
The effect of foundation stiffness of the piers may be seen by 
comparing the response of cases 17 and 18 for a bridge with free abut-
ments and cases 19 and 20 for a bridge with pinned abutmen ts. In each 
example the br idge was first des igned and ana lyzed with no rotat ion at 
the base of the piers. The bridge was then analyzed with the same earth-
quake motion and yield moments in the piers, but with rotational springs 
1 at the base of the piers. The value of foundation stiffness was taken 
1 from the values calculated for the foundations of the real bridges anal-
yzed prev iously for more or less average soil stiffnesses that would be 
I encountered in the field. ~The load deflection relationship of the piers 
with and without foundation flexibility are shown in Fig. 6.8. The ] inclusion of foundation rotation increases the yield displacement approx-
imately 25-60 percent. At first it appears from the values of ductility 
demands on the piers that models without foundation rotation had a much 
larger ductility demand on the piers. However, the values of displace-
ments included the effects of foundation rotation in the yield and total 
I displacements. Since the yield displacement for the piers without foun-
dation rotation are smaller, the ratiO of the total to yield displacement 
is larger. It was stated in the description of the damage index calcula-
1 j tions for the piers in Sect. 6.5 that the effects of foundation rotation 
were removed from the displacement and hysteretic energy calculations. 
t 
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Comparing the terms of the damage index for cases with and without foun-
dation rotation, the displacement term is slightly larger for the case 
wi thout .foundation rotation. The hysteretic energy term is larger for 
the case with foundation rotation for free abutments while it is smaller 
for the case with foundation rotation with pinned abutments. Therefore, 
the effect of including foundation rotation on the overall damage index 
for the piers is a slight decrease in the damage index for pinned abut-
ments and a small but variable effect on the damage index for free abut-
ments. Also, the distribution of moments and shears in the piers are 
nearly identical with or without foundation flexibility. Therefore, 
although foundat ion compl iance may increase both the yield displacement 
and the maximum displacement the pier experiences for a given earthquake, 
the effects of this on the forces and damage index for the piers are 
insignificant. Problems may occur, however, if this increased displace-
ment is not accounted for in the design of seat widths at interior 
expansion joints and at the abutments. Also, it is possible that for 
very tall piers the larger displacements associated with the flexible 
footings could generate significant P - 6 effects. 
6.6.5 Response Modification Factor 
In all of the previous examples, the ductility demand and the damage 
indexes for the piers were considerably smaller than one mi gh.t expect. 
This suggests the possibility that the response modification factors for 
the piers could be increased. As the response mod if ica t ion factor used 
to reduce the des ign momen ts for a pier increases, the ductil i ty demand 
on the pier increases. The implications of the increased ductility 
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demands were evaluated from the damage index calculations for the piers. 
The effects of increases in the response modification factor are seen by 
comparing cases 9, 10 and 11 for a single column pier where values of R 
of 3, 6 and 9 were used. Recall that a value of 3 is specified by ATC-6 
for single column piers. Cases 15 and 16 were bridges with multiple 
column piers. Values of R of 5 and 10 were used for these two cases with 
5 being the specified ATC-6 value. 
As should be expected, as the R value increases, the ducti li ty 
demand and damage index also increase. However, the increase in the 
damage index is not as dramatic as the increase in the ductility demand. 
This is because the piers with a smaller design moment have a larger 
ductility capacity due to the lower value of Pt' Therefore, a twofold 
increase in the response modification factor and ductili ty demand leads 
to approximately a 25 percent increase in the damage index for the piers. 
For the larger response modif icat ion factors the shear forces in the 
piers dur ing the time history response are closer to the shear forces 
determined from the plastic hinging since the larger ductility means that 
the moments in the piers are closer to the values of the plastic moments 
used in the design analysis. Several of the other examples (cases 12-14, 
17-20, 22, 24, 26 and 27 for single column piers and case 25 for a two 
column bent) were designed with R values greater than required by the 
code. The results for these cases are consistent with those discussed 
above. An increase in the value of R would lead to less expensive designs 
since the smaller design moments for the piers in addition to reducing 
the amount of longitudinal steel required, would reduce the shear forces 
and the moments at the base of the piers that the foundation would be 
104 
designed for. Thus a substantial reduction in the foundation cost might 
be realized. 
Based on this limited study, it appears that the R values for pier 
des ign could be increased by perhaps up to a factor of 2. However, it 
should be cautioned that this study did not include the effects of biax-
ial motion or vertical response. These effects would cause the damage in 
the piers to be greater than that implied by the damage indexes reported 
here for some of the cases. 
6.6.6 OVerdesigned or Underdesigned Moment Capacity 
In many cases it was found that the design moment was controlled by 
the minimum longitudinal steel area requirement of ,. percent of the gross 
section area. In some cases the design moment was determined from what-
ever area of steel was required, ignoring the minimum requirement. In 
other cases the design was evaluated with the moment capacity governed by 
the minimum requirement of steel. The effect of the overdesigned moment 
capacity can be evaluated from cases 3 and 4 and case 8. The effects of 
using an overdes igned momen t capac i ty is the same as using a reduced 
response modification factor. The reduction in the ductility demand for 
the pier is offset somewhat by the decrease in the calculated ductility 
capacity as discussed in the previous section. The actual shears in the 
piers were much less than the design shears obtained from plastic 
analyses since the moments in the piers are well below the values of 
plastic moments. However, pier of case 8 is the only instance of where 
the shear force from the e last ic ana lys is is less than the shear force 
from the plastic analysis. But, in certain instances the vertical loads 
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can lead to pier designs that are greatly in excess of the capacity 
required by the seismic analysis. If th is is the case, a plastic 
analysis to determine the shear requirements for the piers could be very 
overconservative. 
Through design or construction errors, or flaws in the materials, 
the moment capacity of a pier may be less than the design moment for a 
pier. The effe ct of a momen t capac i ty for a pier less than the des ign 
moment is seen by compar ing cases 10 and 22. In case 22 the moment 
capacity of pier was 95 percent of the design moment and further, it 
was assumed that no strain hardening in the longitudinal steel occurred. 
The actual overstrength moment factor of the pier was approximately 1.1 
instead of the 1.3 assumed in the des ign. As would be expected the 
ductility demand on the piers for case 22 were 15-20 percent greater than 
case 10. However, the ductility was still less than the value of R used 
in the des ign. The damage indexes for the piers were 20- 35 percent 
greater for case 22 than case 10, but were still less than 0.2 for the 
smallest confinement. Therefore, although the yie Id and overstrength 
moment capacity did have an effect on the response of the pier, the 
ductilities and damage indexes were still low enough so than no major 
damage would be expected for the reduced moment capacities. 
6.6.7 Longitudinal Response of Bridge 
All of the analyses considered up to this point have been for 
bridges responding in the transverse direction. Significant response can 
also occur in the piers for bridges shaken in the longitudinal direction 
where the deck is free to translate at the abutments. Cases 23, 24, 25 
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and 27 cons idered br idges respond ing in the ir long i tud ina 1 d irec t ions. 
It was found for the single column pier responding about its weak axis, 
the effect of hysteretic energy had a larger relati ve effect on the 
damage index than it did for the transverse analyses. This was due to 
the area of longitudinal steel required for moment resistance in the 
longitudinal direction of the bridge being larger than the area required 
for the transverse direction. This led to an increase in the value of S 
in the damage equation and an increase in the relative contribution of 
hysteretic energy in the damage index equation. 
6 _ 6 • 8 Ef'fect of Type of Deck 
To determine the effect of the type of deck had on the response, an 
analysis of a four span bridge was performed wi th a narrow, composite 
deck that consisted of steel girders and a concrete slab. The composite 
deck differed from the concrete box girder deck in that the mass of the 
composite deck was much less than the concrete deck. The transverse and 
torsional stiffness of the composite deck was also calculated to be much 
smaller than the concrete deck. The response of the bridge with differ-
ent decks can be evaluated from the response of cases 5 and 26. For case 
26, where the composite deck was used, the relative stiffness of the 
pie rs to the de ck is larger than case 5, wh er e the concre te de ck was 
used. The relative value of the force acting on the abutment during the 
response to the design force is larger for case 26. The reasons for this 
effect is similar to what was discussed in Sect. 6.6.1 where an increase 
in the number of spans was evaluated. In this case the relati ve stiff-
ness of the piers to the deck is increasing because of the reduction in 
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stiffness of the deck whereas in Sect. 6.6.1, the relative stiffness of 
the piers was increasing as the total length of the bridge was increas-
ing. This causes an increase in the ratio of actual to design force on 
the abutment since the elastic design force on the abutment is smaller 
for the less stiff deck. 
6.6.9 Confinement of Yield Regions of Piers 
The effects of different areas of transverse steel in the yield 
regions of the columns were evaluated for all of the cases studied. As 
the area of t~ansverse steel decreases, the ductility capacity of the 
pier decreases, E increases, and the damage index increases. The effect 
of using d::-:-e~e:'1: confinement requirements were evaluated by comparing 
the damage :r.:eXeS calculated for each confinement equation given earlier 
in this C:'"l'::';::t..-r'. Recall that the area of transverse steel required is 
usual'::'y ;.:::: i:' .. t'~~.ec by the._design shear force but rather by one of these 
A." :::~"';t .r :,:::xes for the area of steel given by Eq. 6.1 are less 
thar. c ... • .,0 This means damage to the piers during the design 
levE~ ",.r" 
.... ~~ be slight. Using the area of steel modified to 
acco~r.: ~ ~ .. ~ 1. __ : load as given by Eq. 6.2 or 6.3 increases the dam-
ages :'".,-:. ).~. . _ 2; less. Damage to the piers would be moderate at 
wor st. ~ ~ ., ~,,::~,€ ~he smaller of the confinement equations given by 
Eq. 6.2 ::.~ index to 0.3 or less. However, for the 
cases where t~"it /..:-:-6 R values are used, the damage index was always less 
than 0.' 5 fOj :he sma llest confinement requirements. In all cases the 
damage indexes show that any damage that would occur to the piers during 
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the des ign level earthquake would be repa ir'able. In cases where the 
large response mod if ica t ion factors were use d, such as cases 11 and 16, 
the damage indexes were calculated to be less than 0.2 for all the con-
f inernen t eq uat ions. TIl is shows that the large response mod if ication 
factors do not necessar ily lead to large damage indexes. It should be 
noted that in many cases the ultimate ductility was calculated to be in 
excess 0 f 50 and up to a max i mum 0 f 1 00 in some cases. Whether the 
results of the damage index calculations can be extrapolated to this 
point is open to question. However, since most of the damage index cal-
culations were so low, even large differences in the calculated ultimate 
ductility would probably not lead to excessively large damage indexes. 
6.7 Discussion of Results of Parameter Study 
From the results of all of the analyses on the hypothetical bridges, 
several observation can be made of the response of the bridges to the 
ground motions and the design procedures used by CalTrans and ATC-6. 
First, for almost all of the analyses the actual ductility of the piers 
subjected to the design level earthquake were much less than the R value 
used in the design of the piers. There are several reasons for this. 
First, the fundamental frequencies of all bridges in this study were less 
than 3.0 Hz. From the analyses of the SDOF oscillators in Chapter 2, it 
was seen that for oscillators with an initial frequency of 3.0 Hz. or 
less, the ducti Ii ty demand was less than the R value used in the des ign 
for rock and stiff soil sites. Second, when the ¢ factors are applied to 
the design moments, the effective response modification factors are 
reduced. For the axial loads on the piers in this study, ¢ was in the 
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J range 0 f 0.66 to 0.80. Third, the elastic moments were determined for the piers using the uncracked gross section of the pier. Once the pier 
_I cracks, the stiffness is reduced and the behavior of the pier is inelas-
tic even before yielding of the steel occurs. Finally, in many cases 
1 where the bridge deck interacts with the abutments, the displacements of 
the deck are determined by the stiffnesses of the abutments and deck, 
thereby limi ting the displacements that the pier can achieve. These 
J factors combine to make the effective response modification factor less 
than the actual factor used in the design. Secondly, the damage indexes 
1 calculated for most of the analyses were very small and the contribution 
of the hysteretic energy dissipation to the damage index was usually much 
less than the displacement contribution. The reason for these results 
j can be attributed to the very low values of longitudinal reinforcement 
required for the design moments and the high transverse reinforcing 
I required for confinement. ----This combination contributes to a large calcu-
lated ultimate ductility and low value of B in the damage index equation. 
These factors contribute to the small calculated damage index, especially 
for the hysteretic energy term. From these observations it appears that 
br idges designed by the current design procedures and requirements in 
1 ATC-6 and CalTrans are capable of withstanding the design level earth-
r 
quake without major damage occurring. In some respects the design pro-
cedures used by ATC-6 are overly conservative with regard the value of 
J the response modification factor used and the area of confinement steel 
required in the potential plastic hinge regions of the piers. The modi-
.1 
fications in the R value and area of confinement steel given in the 
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Cal Trans spec ificat ions can be made wi thout causing excess i ve damage to 
the piers. 
6.8 Concluding Remarks on Analyses of Hypothetical Bridges 
The analyses of hypothetical bridges were intended so that the 
results could be used to make conclusions on the performance of highway 
bridges currently being designed and built in seismically active areas. 
Several restrictions of the design and analysis of the bridges make the 
results somewhat limited in how they can be applied to real bridges. 
First, the areas of longitudinal reinforcement that were required for 
seismic resistance in many cases would probably be lower than what would 
actually be ilsec l:l a real bridge. It was mentioned previously that the 
minimum area req~lreme~t of longitudinal steel is 1 percent of the gross 
area regarcless of ~he design moments. In addition, the design of the 
long i tud ina l :::. ~'''.: ~3y a Iso be controlled by the vert i cal load that must 
.. 
be carrieC :y :"'-'. ~>.:"·'S. or the eccentric loads placed on the pier by the 
Ii ve loajs. .. ' -.: • y. the response of the br idge was computed for one 
direction 2: . -. :_-!~g a real earthquake, the bridge would be shaken 
in both t.;, ... ",".' "': .r",~i: and transverse direction simultaneously which 
would inc; t: ~ ~, > ~.<·:::5 on the componen ts of the bridge. The extent 
of the in:-"'.:' ... .>,";er.d on the type of bridge and the magnitude of 
the groun::! :':). ~.f:;. with these restrictions, howeve'r,'the~results 
of the anal.ys~..'~: :) : ... -::. ::::le some insight into the nonlinear response of 
highway bridges ::!-..- ~~.€ ground motions. The following conclusions can be 
made from the resu 1 ts of the parameter stud ies : 
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1 • As the number of spans of a bridge wi th pinned or fixed abut-
ments increases, the ductility demand and the damage index for the pier 
far t hes t away from the abutments increases. Also, the ratio of the 
actual force to the design force on the abutment increases. 
2. The increase in the response modification factor for multiple 
column piers as allowed by ATC-6 and CalTrans is valid. 
3. The actual behaVior of the connection between the deck and the 
abut me nt has an import ante ffect on the overall response 0 f a br i dge, 
especially in terms of the force acting on the abutment and the ductility 
dema~ds and damage indexes for the piers. 
~. ~nile the effect of the stiffness of the foundation at the base 
of :~E pier has a significant effect on the value of the yield displace-
me:--.: ~or a pier, the effects on the damage index and force distribution 
for :~e pier appear to be less important. 
An increase in the allowable values of the response modification 
fa:::::;- ;..:se: in the design of the piers may lead to more economical 
oe5: €;;s of the piers and foundations wi thout an unacceptable increase in 
V1E':::~~:ge :ndex for the piers . 
:;: some cases the longitudinal response of a bridge may be as 
or i.i:::r€' lr.lportant in the response of the piers than the transverse 
response. 
Piers where the yield moment is significantly greater than the 
deslgn moment may be substantially overdesigned in shear if the design 
shear forces are determined from a plastiC analysis. 
8. As the relative stiffness of the piers to the deck increases for 
bridges with pinned or fixed abutments, the ratio of the actual force to 
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design force acting on the abutment increases and may be significantly 
greater than one. This is very unconservative for the design of connec-
t ions between the deck and the abu tmen ts and for the des ign 0 f the 
abutments and their foundations. 
9. The confinement requirements in the plastiC hinge regions given 
by ATC-6 may be reduced without an unacceptable increase in the damage 
index for the piers. 
It is hoped that further research into the behavior of highway 
br idges dur ing earthquakes wi 11 result from this research in order to 
evaluate in more detail some of the findings and questions that have 
arisen in this study. 
6.9 Seismic Evaluation of Existing Bridges 
It was seen earlier in this chapter from the results of the analysis 
of real bridges, that many bridges designed prior to 1971 do not have 
adequate confinement to resist yielding in the piers as would be required 
in an inelastic response to earthquakes. In order to bring these bridges 
up to acceptable seismiC capacity, some retrofitting is required. Iden-
tifying bridges that have the greatest need for retrofitting requires an 
analysis of the existing seismic capacity of the bridges. Since perform-
ing a detailed inelastic time history analysis on all bridges would be 
uneconomical, it would be helpful if there was a relatively quick proced-
ure that could be used to evalua te the se ismic capac i ty of an existing 
bridge. Such a procedure that can be used to evaluate certain types of 
existing bridges is given next. 
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As an example of how the results of the analyses of SDOF oscillators 
gi ven in Chapter 2 and the damage index can be used to evaluate the 
capaci ty of a bridge to a ground motion, consider the hypothetical two 
span, two column box girder bridge shown in Fig. 6.7. It is assumed that 
the deck is free to translate in the longitudinal direction. The bridge 
is assumed to be located in an-area where the peak ground acceleration is 
0.7g. The total weight of the deck is 830 kips. The natural frequency 
of the bridge is 4.2 Hz. assuming the top and base of the pier to be 
fixed against rotation. The ATC-6 design unfactored moment at the base of 
each pier is 0.7g*2.5*830kips*10ft./2 = 7260 ft.-kips. The actual moment 
capacity of each pier is 1833 ft.-kips, therefore, the effective response 
modification parameter is 7260/1833 = 3.96 say 4. The maximum shear force 
at the base of the pier calculated by plastic hinging (plastic moment 
1 .3*design moment) is 1.3*2*1833ft.-kips/18ft. = 265 kips. 
For the first case assume the shear reinforcing to be #4 stirrups at 
12 in. Tl1e shear capac i ty --prov ided by each pier is 178 ki ps. Since th is 
is less than the design shear, the capaci ty of the pier is inadequate. 
Retrofit would be required to bring this bridge up to acceptable seismic 
capacity. 
Next, assume the shear reinforcement to be #4 stirrups at 4 in. The 
shear capacity of the pier is 273 kips which is greater than the maximum 
shear. The damage index is used to evaluate the capacity of the piers. 
The parameters for the damage index were calculated to be: E = 0.0012, 
P 
E 
o 
0.0038, p = 0.24 percent, ~ = 19, 0 = 0.06 ft., lid = 2.6, n = w . u y 0 
0.05, Pt ~ 2.0 percent, 
........ rl Q _ II ~o 
0111.1 P - v • ..)./. and JdE, use was 
made of the graphs of displacement ductili ty and hysteretic energy for 
114 
the SDOF oscillators. Referring to Fig. 2.7, for an R of 4 and a fre-
quency of 4.2 Hz., the average expected displacement ductility would be 
6. From Fig. 2.31 the total average hysteretic energy dissipated would 
be 2.1 in.-kips. Since the hysteretic energy is for a unit mass system, 
the value is converted to the pier by multiplying by the ratio of Q 0 of y y 
the pier to Q 0 of the SDOF osc illator. Th is yie Ids a value of 130 ft.-
Y Y 
kips for the hysteretic energy dissipated by each pier. The damage index 
for the pier is calculated to be 0.6. Referring to Fig. 4.1, this falls 
on the border line between severe and moderate damage. Whether this is 
acceptable depends on the importance of the bridge, however, clearly some 
major da~age would occur under the design earthquake. 
Fl:"1a Ill', assume the shear reinforcing to consist of #5 stirrups at 
3 in. -:-:-.e s~ear capaci ty is 425 kips which is greater than the design 
shear, a:-;C t!llS also satisfies the confinement requirement given in 
ATC- 6. J S 1 :"ig t::e same procedure used above, the damage index for the 
pier 'was ::::.;l::::~:ated as 0.25. Since this corresponds to an aCOClunt of 
damage ~t.a:' woule be considered repairable, the capacity of the bridge 
Th.:.s ~<:-:!Jc! allows a relatively quick evaluation of the capacity of 
a bridge t~ ~e ~ade where the response of the bridge can be evaluated as 
a SDOr osc.:.:1at8:. This could be used in conjunction with other consid-
erations (44) to determine needs and priorities for retrofitting existing 
highway bridges. 
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CHAPTER 7 
SUMMARY AND CONCLUSIONS 
7 • 1 Summary 
The objective of this study was to evaluate the methods used in the 
design of reinforced concrete highway bridges by the current "state of 
the art" design codes and to determine to what degree the bridges 
designed by these codes could resist future occurrences of earthquakes. 
The investigation focused mainly on the response of the piers since the 
piers are designed to behave inelastically even though nonlinear response 
of the piers cannot be estimated from an elastic analysis. 
In the first part of the study the time history response of single-
degree-of-freedom structures designed by an inelastic force design method 
was examined. The response of the structures were evaluated from ground 
motion inputs consisting of a suite of time histories recorded from pre-
v ious earthquakes. Me thods to scale the earthquakes to equal intensi ty 
were evaluated. The design spectrum and ground motions were analyzed for 
both a rock or stiff soil site and a deep cohesionless soil site. The 
results focused on the ductility demands that were observed during the 
response for different values of the response modification factors. 
R factors as high as 8 were evaluated for the SDOF oscillators. In 
addition, the roles of hysteretic energy dissipation on the maximum 
displacement and damage were briefly examined. 
In the next part of the study an artificial accelerogram was derived 
that attempted to match a design response spectrum as well as duplicate 
the average ductility demand and average hysteretic energy dissipation 
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that resulted for the SDOF systems when subjected to the suite of ground 
motions. The response of the SDOF oscillators to the artificial acceler-
ogram and the average of the suite of rock and stiff soil ground motions 
were compared. 
A method to predict the amount of damage that occurs to a reinforced 
concrete member during cyclic loading was examined. The so called "damage 
index" was based on the maximum displacement and hysteretic energy dissi-
pa ted dur ing the response. The val idi ty of "the method was evalua ted by 
calculating the damage index of a group of specimens loaded to failure. 
Finally, an analytical model of a bridge structure was derived and 
used to study the dynamic response of bridges to ground motions. Both 
real bridges designed for sites in California and. hypothetical bridges 
designed by the ATC-6 inelastic design method were evaluated. A parameter 
study was performed to analyze the effects of various configurations and 
design requirements on the response of the bridges to the design level 
earthquake. A method was presented that allows the quick evaluation of 
the seismic capacity of an existing bridge using the results of the SDOF 
oscillators and the damage index. 
7.2 Conclusions 
The significant conclusions obtained from this study may be 
summarized as follows: 
1. For the ground motions and the design spectra that are based on 
rock and stiff soil sites, the average ductility demands on the SDOF 
oscillators are less than the R value used to reduce the design force for 
oscillators with an initial frequency of 3.0 Hz. or less. For oscillators 
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with an initial frequency of greater than 3.0 Hz., the ductility demands 
are greater than the R value. .For high frequency oscillators the ductil-
ity demands greatly exceed the value of R used in the design, especially 
* for the Cal Trans spectrum. The use of the R response modification 
factor above 3.0 Hz. reduces' the ductili ty demands to the desired level 
up to 6.0-8.0 Hz. 
2. For the ground motions and design spectra that are based on deep 
cohesionless soil sites, the average ductility demands on the SDOF oscil-
lators are greater than the R value for all frequenc ies greater than 
1,0 Hz. for the ATC-6 spectrum, and greater than 1.5 Hz. for the Cal Trans 
spectrum. This indicates that the design spectrum is too low for both 
* codes. The R response modification factor should be used for soil sites 
for structures with frequencies above 1.5 Hz. 
3. Methods to scale a group of ground mot ions to equa 1 intens i ty 
based on elastic spectral response parameters integrated over a wide 
frequency range, such as spectrum intensity, give less dispersion in the 
ductili ty demands for structures in the 1.0 to 10.0 Hz. range than 
methods that were based on peak ground motion parameters. 
4. As the frequency of a structure increases, the response during 
the most intense shaking is controlled by the displacement since the 
velocity does not respond quick enough. Therefore, mos t of the inpu t 
energy is dissipated by hysteretic energy instead of kinetic or damping 
energy during the most intense shaking. This causes the ductility demand 
to increase as the frequency of the structure increases. 
5. The artificial accelerogram derived in this study does a good 
job of rna tch ing an input response spectrum whi Ie rna inta in ing frequency 
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content, energy release and peak ground motion parameters similar to real 
strong gr ound motion records. In addition, maximum displacement and 
hysteretic energy dissipation for SDOF oscillators subjected to the arti-
ficial accelerogram are similar to the average response to the scaled 
strong motion rock and stiff soil records for the frequency range of 
bridges that were analyzed in this study. 
6. The damage index prov ides a power ful method for evaluat ing the 
damage that occurs to reinforced concrete members for different time his-
tory inputs. By using a consistent set of test specimens and definitions 
of failure, the scatter in the results of the damage index as reported by 
Park and Ang could be reduced for members and consistent damage index 
predictions could be made for widely different loading histories. 
7. The piers of the real bridges analyzed in this study that were 
designed prior to 1971 had very little ductility and reserve capacity for 
inelastic response. Consequentially, any ground motion that caused the 
moments in the piers to be near the yield moments, gave a damage index 
for the piers that would indicate collapse of the piers. The low calcu-
lated ductili ties for the piers was due to the very small amount of 
transverse reinforcing that was used in the plastic hinge regions of the 
piers. 
The piers of real bridges that were designed after 1971 showed ex-
ceptionally good behavior to strong ground motions. The large degree of 
confinement provided in the plastic hinge regions led to large calculated 
ultimate ductility capacities. In addition, the moment capacities of the 
piers were found to be far in excess of what would be required for seis-
mic resistance so this also contributed to the good calculated behavior. 
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8. From the results of the analyses on hypothetical bridges and the 
parameter studies it was found that the current seismic design provisions 
in CalTrans and ATC-6 led to exceptionally good calculated behavior of 
the piers when the br idge is subjected to the des ign level earthquake. 
For the hypothetical bridges analyzed in this study the ductility_demands 
on the piers were significantly less than the values of R used in the 
design. In addition, even when R values 2 to 3 times larger than allowed 
by ATC-6 were used all values of the damage index for the piers for the 
smallest degree of confinement allowed by the codes were less than 0.3 
and most were less than 0.2, with anything less than 0.4 being considered 
repairable. ~~erefore, the current provisions in ATC-6 for R factors for 
the pier ::1'J~e:.:' and confinement in the potential plastic hinge regions 
are over:y c:~s~rvative. The increase in the R factors for the piers and 
the redu::l:~ :~ the confinement in the potential plastic hinge regions 
alloweC :::alTran!:? code can be made wi thout excessi ve damage 
9. -'. '0'·:,:= currently used to determine the design forces on the 
abu :~~;.::' _·~trvative in many cases. It was found that the maximum 
forct: <.1 '. -Po ~~~tment during the time history response was greater 
thar, :. " .. t!1e elastic design analysis by a factor of 2-3 in 
mar.y lr.~·., ... ;. to a max imum of 7. Th is leads to underdes igned 
a bu tr.:er.·, :- _.~ easily be damaged during an earthquake. 
i C; • • . 'd.~ation of the seismic capacity of an existing bridge 
can be maje L.~ ~ r.~· the results of the time history analyses of the SDOF 
oscillators ar.~ tne damage index. 
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Table 2.1 Response Modification Factors in ATC-6 
1 Substructure 
. 2 Wall-Type Pler 
Reinforced Concrete Pile Bents 
a. Vertical Piles Only 
b. One or More Batter Piles 
Single Columns 
Steel or Composite Steel and 
Concrete Pile Bents 
a. Vertical Piles Only 
b. One or More Batter Piles 
Multiple Column Bent 
R 
2 
3 
2 
3 
5 
3 
5 
Connections 
Superstructure to Abutment 
Expansion Joints within a 
Span of the Superstructure 
Columns, Piers or Pile Bents 
to Cap Beam or Superstructure 
Columns or Piers to Foundations 
R 
0.8 
0.8 
1 .0 
1 .0 
1 . The R-Factor 1S to be used for both orthogonal axes of the substructure. 
2 A wall-type pier may be designed as a column in the weak direction of the 
pier. 
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Table 2.2 Rock and Stiff Soil Ground 
Motions Used in Study 
EL CENTRO NS (El Centro, 1940) 
GOLDEN GATE SBOE (San Francisco, 1957) 
TEMBLOR S25W (Parkfield, 1966) 
CHOLAME SHANDON NO 5 NB5E (Parkfield, 1966) 
LAKE HUGHES NO 4 S21W (San Fernando, 1971) 
CASTAIC N21E (San Fernando, 1971) 
PACJ:~A D~~ S14W (San Fernando, 1971 ) 
BC~~::S CORNER S50W ( El Centro, 1979) 
:~e~ Cohesionless Soil Ground Motions Used in 
' .. ..... . 
-- .... -·,J..l 
-.~- , OLYMPIA SB6w (Western Washington, 1949) 
c ;..'-. -:--:'. :., ~',': :.,_.~~ C:w (Kern County, 1952) 
'.~;,:,,~ N46w (Eureka, 1954) 
:;, ::"'YMPIAS86w (Puget Sound, 1965) 
t., ~.~:: S44W (Ferndale, 1967) 
~L3 (Tokachi -Ok i, 1968) 
8244 O~::~', :,:..':: ~~S (San Fernando, 1971) 
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Table 2.4 Values of Scaling Parameters and Relative Scaling Used for j Evaluation of Scaling Methods 
Average 
1 Peak Peak Spectrum Spectrum Acceleration Velocity Acceleration Intensity 
2 (ft/sec) 2 2 
1 
(ft/sec ) (ft /sec ) (ft /sec ) 
Pacoima 37 . 70 ( o. 98 ) 3.67 (0.62) 64.6 ( 1 . 21 ) 23.85 ( 1 .08) 
\ El Centro 11 . 22 (3. 29 ) 1. 08 (2.10) 22.6 (3.46) 9. 15 (2.82) J 
Golden Gate 3.38 (10.95) 0.15 (15.23) 9.3 (8.40 ) 2.30 (11.3) 
.l CastaiC 10.17 (3.64) 0.56 (4.09) 21 .9 (3.56) 6.89 (3.74) 
1 
Ta~':'E 2.5 Statistical Results of Ductilities for Var ious Scaling Methods 
1 SCcll :-:g Average Standard 
Met;:o,: Frequency Ductility Deviation c.o.v. 
j 1 .0 2.790 1 .410 0.505 
Pea;. 2.5 3.430 1 .61 1 0.470 
J A C C:t-.j .: e ; C : 10 n 5~0 --- 7.130 1 .720 0.241 8.0 12.992 2.992 0.230 
., 
j 1 .0 2.251 0.456 0.203 
Pea..: 2.5 3.024 0.900 0.298 
Ve~o=::y 5.0 5.656 3.340 0.591 
8.0 10.252 8.086 0.789 
1 
1 .0 2.873 1 .668 0.580 
1 Ave~age 2.5 3.600 1 .866 0.518 Spec:.~c.: 5.0 '7.374 2.899 0.393 Acce 1 era:. 1. on 
8.0 14.217 4.820 0.339 
J 
i 1 .0 2.686 1 .313 0.489 
i 2.5 3.370 1 .356 0.402 oj Spectrum ~ 
Intensity 5.0 
·:1 
6.708 0.165 0.025 
1 8.0 11 .646 1 .405 O. 121 
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Table 2.6 Spectrum Intensities and Relative Scaling 
Used to Normalize Records to 1 .Og Rock 
and Stiff Soil Design Spectra 
Spectrum 
Intens i ty ATC-6 and 2 (ft/sec ) Cal Trans 
Pacoima 23.85 1 .08 
E1 Centro 9.15 2.82 
Golden Gate 2.30 11 .32 
Castaic 6.89 3.74 
Bonds Corner 21 .52 1 .20 
Cholame 8.73 2.95 
Lake Hughes No. 4 3.35 7.72 
Temblor 6.92 3.72 
Table 2.7 Spectrum Intensities and Relative Scaling Used to Normalize 
Records to 1 .Og Deep Cohesionless Soil Design Spectra 
Spectrum 
Intensity 
2 Cft/sec ) ATC-6 CalTrans 
western Wash 6.40 4.89 3.99 
Puget Sound 4.59 6.80 5.55 
Orion Blvd. 7.84 3.99 3.26 
Eureka Federal Bldg. 7. 19 4.36 3.56 
Eureka Ci ty Hall 5.05 6. 18 5.05 
Ferndale 5.05 6. 19 5.05 
Hachino 6.20 5. 11 4.17 
Kern Co. 1 .67 18.73 15.29 
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Table 2.8 
Frequency 
1 .0 
1 .25 
1 .5 
1 .75 
2.0 
2.5 
3.0 
3.5 
4.0 
4.5 
5.0 
6.0 
7.0 
8.0 
9.0 
10.0 
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Values of Design Rock Spectral 
Acceleration for Frequenc ies 
Used in SDOF Study 
ATC-6 Cal Trans 
1. 20 1. 17 
1. 40 1. 43 
1. 55 1. 76 
1. 76 2.00 
1 .95 2.30 
2.20 2.5 
2.5 2.5 
2.5 2.5 
2.5 2.5 
2.5 2.5 
2.5 2.5 
2.5 2.5 
2.5 2.35 
2.5 2.20 
2.5 2.10 
2.5 2.0 
Table 2.9 
Frequency 
, .0 
1 .25 
1 .5 
1 • 75 
2.0 
2.5 
3.0 
3.5 
4.0 
4.5 
5.0 
6.0 
7.0 
8.0 
9.0 
10.0 
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Values of Design Soil Spectral 
Acceleration for Frequenc ies 
Used in SDOF Study 
ATC-6 Cal Trans 
1. 40 , .80 
1. 63 1 .95 
1 .83 2.10 
2.03 2.21 
2.22 2.26 
2.5 2.21 
2.5 2.04 
2.5 1. 97 
2.5 1.89 
2.5 1. 83 
2.5 1. 78 
2.5 1. 72 
2.5 1. 67 
2.5 1. 62 
2.5 1. 58 
2.5 1. 55 
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Table 2.10 Rock and Stiff Soil Ground Motions 
Corresponding to Symbols Used in 
Plots of Ductility Demands and 
Hysteretic Energy Dissipation 
* = TEMBLOR 
~ = LRKE HUGHES NOa 4 
~ = CHOLRME SHRNDON 5 
X = BONDS CORNER 
+ = CRSTRIC 
.6 = GOLDEN GRTE 
C) = EL CENTRO 
~ = PRCOIMR DRM 
Table 2.11 Deep Cohesionless Soil Ground Motions 
Corresponding to Symbols Used in Plots 
of Ductility Demands and Hysteretic 
Energy Dissipation 
* = KERN COUNTY 
~ = HRCHINO HRRBOR 
~ = FERNDRLE 
X = EUREKR CITY HRLL 
+ = EUREKR FEDERRL BLDGa 
.6 = 8244 ORION BLVOa 
C) = PUGET SOUND 
~ = WESTERN WRSHINGTON 
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Table 3.1 Input Frequencies and Spectral Accelerations for 
Derivation of Artificial Accelerogram 
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Table 4.1 Parameters Required for Damage Indexes of Test Specimens 
J 
S Specimen 0 E 0 Qy m u 
1 (in) (in-k) (in) (kips) 
S 11 0.78 590. 12.3 0.25 18.5 
] S12 1. 56 343. 12.3 0.25 18.5 
S14 1. 56 248 12.3 0.25 18.5 
\ 
J S21 0.68 360. 5.2 0.34 26. 
S22 1 .36 160. 5.2 0.34 26. 
'] S23 1. 36 150. 5.2 0.34 26. 
S24 1 .36 171 . 5.2 0.34 26. 
I S31 0.5 320. 2.6 0.24 35. 
S32 1 .0 155. 2.6 0.24 35. 
1 S33 1.0 178. 2.6 0.24 35. 
S34 1.0 196. 2.6 0.24 35. 
1 
, 
Table 4.2 Resultsbf Damage Indexes for Test Specimens j 
~ Hysteretic • 
·s Deformation Energy .. , ... ~ 
Spec imen Damage Index Contribution Contribution 
S 11 0.72 0.06 0.66 
S12 0.50 0.13 0.37 
! S14 0.40 0.13 0.27 
-, 
1 S21 1 .03 0.13 0.90 
~ S22 0.66 0.26 0.40 
S23 0.69 0.26 0.43 
1 S24 0.63 0.26 0.37 
-1 
S31 1 .00 O. 19 0.80 
[ S32 0.79 0.39 0.40 j 
-,11 S33 0.85 0.39 0.46 
< S34 ! 0.90 0.39 0.51 , 
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Table 5.1 Average Values of Moments of Inertia for Bridge 
Superstructures 
J (Torsion) 
IZ (Normal Bending) 
IY (Transverse Bending) 
Reinforced Concrete 
Bridge Decks 
Equal to Gross Val ue 
40-60% of Gross Value 
60-80% of Gross Value 
.Prestressed Concrete 
Br idge Decks 
200% of Gross Value 
120-140% of Gross Value 
100-120% of Gross Value 
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-Table 6.1 Moments from Analyses of San Fernando Road Overhead 
Pier 1 
Moment @ 
Base (ft-k) 
Elastic Moments 
from 0.4g 
Static Analysis 
4900. 
Des ign Moment 
from 0.4g 
Static Analysis 
2470. 
Yield 
Moments 
for Pier 
12500. 
Actual Moment 
from O. 4g 
Time History 
Analysis 
3220. 
Table 6.2 Moments from Analyses of Cedar Valley Overcrossing 
Pier 1 
Moment @ 
Base (ft-k) 
Pier 2 
Moment @ 
Base (ft-k) 
Elastic Moments 
from 0.4g 
Static Analysis 
6990. 
4770. 
Design Moment 
from 0.4g 
Static Analysis 
2330. 
1450. 
Actual Moment 
Yield from O. 4g 
Moments Time History 
for Pier Analysis 
8330. 4620. 
5830. 2950. 
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Table 6.3 Moments from Analyses of North - LA Connection 
Pier 1 
Moment @ 
Base (ft-k) 
Pier 2 
Moment @ 
Base (ft-k) 
Elastic Moments 
from 0.4g 
Static Analysis 
2700. 
1540. 
Desi gn Moment 
from 0.4g 
Static Analysis 
1210. 
700. 
Yield 
Moments 
for Pier 
8300. 
8300. 
Table 6.4 Moments from Analyses of San Simeon Creek 
Elastic Moments Design Moment 
from 0.4g from O. 4g 
Static Analysis Static Analysis 
Yield 
Free Pinned Free Pinned Moments 
Abutment Abutment Abutment Abutment for Pier 
Pier 1 
Moment @ 21400. 8480. 9910. 3930. 15000. 
Base (ft -k) 
Pier 2 
Moment @ 5040. 12400. 2400. 5900. 15000. 
Base (ft-k) 
Actual Moment 
from O. 4g 
Time History 
Analysis 
2920. 
1970. 
Br idge 
Actual Moment 
from 0.4g 
Ti me Hi story 
Analysis 
Pinned 
Abutment 
11270. 
15120~ 
• I 
[ 
[. 
1 
[ 
ro 
[ 
L 
f 
r 
\ ) 
'---
1 
1 
1 
I 
1 
! 
;] 
I 
.J 
J 
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Table 6.5 Properties of Bridges and Results of Static Design Analyses 
Case 
No. 
Name 
2-140-1-P-0.4 1.2 
N 
o 
0.12 
f 1 
(Hz. ) 
C 
2.85 0.96 18630. 
2 2-140-1-f-0.4 1.2 0.12 1.40 0.60 34614. 
3 
5 
6 
7 
8 
9 
10 
11 
12 
13 
14 
15 
16 
17 
It! 
19 
20 
21 
22 
23 
24 
25 
26 
27 
If 
2-' 40-2-P-0. 4 
2-140-2-P-0.4 
4-80-120-1-P-0.4 
4-80-120-1-P-0.4 
4-80-120-1-f-0.4 
ll- 80-120-2- f-O. 4 
4-80-120-1-F-0.7 
4-80-120-1-f-0.7 
4-80-120-1-F-0.7 
4-80-120-1-G-0.-0.7 
I 11-80-120-1-G-1 Z-0. 7 
4-80-120-1-G-3.-0.7 
4-80-120-2-F-0.7 
4-80-120-2- F-O. 7 
4-80-120-1-F-0.7 
4-80-120-1-F-0.7 
4-80-120-1-P-0.7 
4-80-120-1-P-O.7 
6-80-120-120-1-P-0.4 
4-80-120-1-f-0.7 
4-80-120-1-F-0,4 L 
4-80-120-1-F-0.7 L 
4-80-120-2-F-0.7 L 
4-80-120-1-P-0.4lflf 
4-80-120-1-f-0.7 L lf • 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1.2 
1,2 
1.2 
1,2 
1.2 
1.2 
0.6 
0.6 
1.2 
1,2 
1.2 
1.2 
1.2 
1.2 
0.6 
0.5 
0.6 
0.6 
0.6 
0.6 
1.2 
1.2 
0.6 
0.6 
O. I 14 
0.114 
0.086 
0.10 
0.086 
0.10 
0.086 
0.10 
0.081 
0.094 
0.086 
0.1 Q 
0.086 
0.10 
0.086 
0.10 
0.086 
0.10 
0.OB6 
0.10 
0.e56 
0.10 
0.081 
0.094 
0.081 
0.094 
0.086 
0.10 
0.086 
0.10 
0.086 
0.10 
0.086 
0.10 
0.086 
0.10 
0.10 
0.086 
0.10 
0.086 
0.10 
0.086 
0.10 
0.081 
0.094 
0.043 
0.049 
0.043 
0.049 
2.47 0.88 
2.48 0.88 
2.83 0.96 
1.97 0.76 
2.36 0.85 
1. 97 1. 32 
1. 97 1. 32 
1. 97 1. 32 
1. 97 1. 32 
1. 97 1. 32 
1. 97 1. 32 
1. 58 1.14 
1. 58 1. I 4 
2.26 
2.26 
2.83 0.96 
2.83 0.96 
2.21 0.81 
1. 97 1. 32 
1.46 0.62 
1. 46 1.08 
1. 35 1.02 
3.01 1. 00 
1. 35 1.02 
Indicates 1~ minimum longitudinal reinforcing used . 
.. 
Analysis was performed with composite steel and concrete deck. 
11500. 
11500. 
13520. 
22972 . 
15960. 
28810. 
22900. 
111710. 
6370. 
9580. 
40080. 
25'(40. 
1l0080. 
25740. 
40080. 
25740. 
40080. 
25'{40. 
40080. 
2S'i40. 
lluoBa. 
25'(40. 
277-':0. 
26630. 
27720. 
26630. 
47770. 
24420. 
47770. 
21<420. 
27825. 
501<20. 
27825. 
50420. 
9960. 
21080. 
24570. 
40080. 
25740. 
14950. 
15110. 
26160. 
26l.!110. 
26760. 
26440. 
9470. 
16180. 
21330. 
21330. 
VUD 
(kips) 
1084. 
2018. 
612. 
612. 
655. 
1252. 
698. 
1408. 
1236. 
652. 
380. 
580. 
2160. 
1140. 
2160. 
11110. 
2160. 
1140, 
2160. 
1140. 
2160. 
I I 40. 
2160. 
1140. 
1662. 
1588. 
1662. 
1588. 
2330. 
930. 
2330. 
930. 
1200. 
2470. 
1200. 
2470. 
348. 
965. 
1 I 41<. 
2160. 
1140. 
890. 
920. 
1560. 
1610. 
1620. 
1610. 
403. 
744. 
703. 
703. 
962. 
O. 
1043. 
363. 
286. 
o. 
708. 
O. 
O. 
O. 
O. 
O. 
O. 
O. 
O. 
O. 
O. 
500. 
500. 
137. 
O. 
O. 
O. 
O. 
61. 
O. 
R 
3 
3 
5 
5 
3 
3 
3 
5 
3 
6 
9 
6 
5 
10 
6 
6 
6 
6 
6 
6 
10 
6 
9410. 
17500. 
3140. 
3140. 
6170. 
10940. 
7260. 
13720. 
10450. 
7000. 
1720. 
2700. 
18300. 
12260. 
9150. 
6130. 
6100. 
4100. 
9150. 
6130. 
9150. 
6130. 
9150. 
6130. 
7490. 
7500. 
3750. 
3750. 
10900. 
5820. 
10900. 
5820. 
6350. 
12000. 
6350. 
12000. 
4550. 
10040. 
11700. 
9150. 
6130. 
6730. 
7.:.u0. 
5970. 
6300. 
3780 .. 
3780. 
3900. 
67 110. 
4420. 
4420. 
10000. * 
17500. 
6670.* 
3150. 
10000. * 
10000. 
10000. 
11000. 
10000. 
10000. If 
6170. If 
6170. • 
18000. 
12000. 
8750. 
8750. 
5250. 
5250. 
8750. 
8750. 
8750. 
8750. 
8750. 
8·hO. 
7000. 
7000. 
3600. 
3600. 
10000. 
5250. 
10000. 
5250. 
5250. 
10500. 
5250. 
10500. 
5250. 
10000. 
10500. 
8000. 
8000. 
5833. 
58::::::. 
5100. 
5100. 
3500. 
3500. 
5250. 
6000. 
3500. 
3500. 
108u. 
11 D'{ • 
722. 
341 . 
1080. 
1080. 
1080. 
1150. 
lOBO. 
1080. 
4'(5. 
722. 
1950. 
1300. 
950. 
950. 
570. 
5'fO, 
950. 
950. 
9'.>0. 
950. 
950. 
950. 
760. 
'f60. 
390. 
390. 
1080. 
5'(0. 
1080. 
570. 
570. 
1130. 
570. 
1 I 30. 
570. 
1080. 
1130. 
950. 
950. 
620. 
620. 
550. 
550. 
1:33. 
433. 
570. 
650. 
Case 
No. 
2 
6 
7 
8 
10 
11 
12 
13 
14 
15 
16 
17 
19 
20 
21 
22 
23 
24 
25 
26 
27 
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Table 6.6 Results of Inelastic Time History Analyses 
Name 
2-1/10-1-P-0 .4 
2-1 /10-1-f-0.4 
2-1 /10-2-P-0.4 
2-140-2-P-0.4 
4-80-120-1-P-0.4 
11-80-120-1-P-0.4 
4-80-120-1-f-0.4 
4-80-120-2-f-0.4 
4-80-120-1-f-0.7 
4-80-120-1-f-0.7 
4-80-120-1-f-0.7 
4-80-120-1-C-O.-~,~ 
4-80-120- 1 -~ - • ;. -: ~ 
4-80-120-1 -:- 3 
4-80-120-2-'-~,' 
4-80-12C'-2-~-: • 
4-80- 12'] - ' - < , . 
0.126 
0.228 
0.255 
0.116 
0.151 
0.127 
0.126 
0.103 
0.138 
0.148 
0.226 
0.250 
0.317 
0.179 
0.116 
G.123 
C'.cs-
C .07' 
::;, 1 ~5 
- 1 :,~. 
... I 16 
.~ 
,:~: 
0.141 
0.250 
0.179 
0.170 
0.159 
0.250 
0.113 
0.189 
0.240 
0.220 
0.152 
0.229 
0.459 
0.424 
0.416 
0.410 
0.386 
0.381 
0.288 
0.466 
0.392 
0.445 
0,395 
C.~C9 
M @ Base 
max 
(ft-k) 
101100. 
17950. 
4680. 
3390. 
10130. 
13410. 
8980. 
13620. 
12585. 
11620. 
4500. 
6100. 
20600. 
16680. 
12030. 
11900. 
5940. 
5920. 
11005. 
, 12360. 
11770 . 
12380. 
11620. 
11570. 
8080. 
8170. 
4530. 
11530. 
14170. 
5930. 
V 
max 
(kips) 
635. 
970. 
276. 
211. 
318. 
678. 
287. 
681. 
518. 
373. 
265. 
364. 
735. 
600. 
490. 
465. 
214. 
260. 
315. 
688. 
202. 
660. 
264. 
557. 
504. 
505. 
281. 
278. 
562. 
186. 
0.040 
0.283 
0.039 
0.042 
0.020 
0.0 
0.278 
0.031 
0.515 
0.435 
0.392 
0_040 
0.191 
0.303 
0. 1122 
0.482 
0.391 
FA 
(ki ps) 
1180. 
o. 
1170. 
1270. 
816. 
880. 
O. 
1230. 
O. 
O. 
O. 
1150. 
94 ~. 
695. 
O. 
O. 
O. 
E 
max 
(ft-k) 
1118. 
206. 
110. 
194. 
34. 
326. 
62. 
260. 
164. 
116. 
51. 
52. 
323. 
680. 
535. 
350. 
555. 
400. 
150. 
688. 
202. 
606. 
264. 
366. 
405. 
380. 
456. 
452. 
16 /1. 
114. 
6 
max 
~ 
1. 13 
0.87 
0.70 
1. 05 
1.97 
0.90 
1.84 
1. 74 
1. 49 
0.67 
0.92 
1. 45 
2.37 
3.59 
3·33 
6.94 
5.41 
1.99 
3· 73 
3·22 
3.68 
3.38 
3.62 
1.73 
1.72 
4.28 
4.27 
4.12 
7.36 
Qy 
(kips) 
610. 
940. 
1100. 
200. 
310. 
505. 
320. 
550. 
410. 
330. 
380. 
410. 
620. 
430. 
330. 
340. 
2'10. 
230. 
270. 
470. 
150. 
430. 
190. 
400. 
430. 
430. 
220. 
220. 
400. 
160. 
. __ ._ .... _--------------------------------
4-80-::::-' 
4-80-12':' 
4-80-1r 
6-80-12:)- ',. 
4-80- 1 ::: •• - , ' 
4-80-120-'-~-' 
4-80-120-1-F-C- _ 
4-80-120-2-f-0.7 
4-80-120-1-P-0.4 
4-80-120-1-F-0.7 L 
-, : 
.~ ':~ 
c . ~ 25 
0.072 
0.080 
0.245 
0.245 
:~s 
- 11 J 3 
iI' ~ 
• "II 
0. 4 37 
0.437 
0.084 
0.137 
0.471 
0.471 
1/1050. 
5930. 
5910. 
14660. 
5910. 
14420. 
5760. 
13140. 
13480. 
8620. 
8620. 
5530. 
5530. 
6670. 
6680. 
4470. 
4470. 
5450. 
6750. 
4045. 
4045. 
560. 
182. 
12 Ii . 
833. 
1211 . 
826. 
20. 
594. 
648. 
357. 
344 . 
3'1 0. 
340. 
420. 
420. 
310. 
310. 
240. 
380. 
125. 
125. 
0.413 o. 
0.0 91 Ii. 
0.0 9lJ4. 
0.011 453. 
0.426 O. 
0.198 O. 
0.424 O. 
0.437 o. 
0.011 435. 
0.471 O. 
502. 
380. 
216. 
780. 
18 11. 
698. 
63. 
333. 
386. 
580. 
430. 
132. 
135. 
402. 
410. 
410. 
410. 
48. 
110. 
160. 
160. 
3.30 
4.31 
5·39 
4'.75 
3.21 
3.78 
1. 48 
2.16 
2.22 
4.10 
3.98 
0.94 
0.94 
2.19 
2.19 
3.50 
3.50 
1. 16 
1. 71 
1.92 
1.92 
'lOO. 
160. 
110. 
570. 
110. 
570. 
70. 
430. 
490. 
310. 
300. 
360. 
360. 
310. 
310. 
210. 
210. 
220. 
300. 
110. 
110. 
,r 
\ I, 
r 
l 
I 
r 
i 
E. 
I 
[ 
[ 
I 
l 
L 
[' 
f: 
~ .... 
] 
1 
I 
1 
] 
.J 
I 
1 
1 
I 
] 
. 1 
I 
l' 
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Table 6.7 
Case Name 
No. 
2-140-1-P-0.'l 
2 2-1 1IO-1-F-0.4 
2-1.llG-2-?-0.4 
2-140-2-P-0.1; 
4-80-120-1-P-0.~ 
4-8C-120-;-p-0.4 
-; .. -80-120-1-F-O.4 
e 4-80-120-2-F-C.ll 
~-80-120-1-f-0.7 
4-S:-i20-1-f-0.; 
I' 
~-5~-·~:-'-G-O.-C.7 
.. - 5':-; :.'-' -C-l;' -0. 7 
<:: 
... - = ... - . ~ : - I -C- -;. - 0.7 
--!::- :2::-~-F-O.7 
... ~,- ,::-2-F-C.7 
lo·e:-·:::-'-F'-0.7 
'c" ... t, - : ;:: - . - p- C. 7 
.-!~.- :":-:-P-O.7 
~-e:-i20-i20-1-?-0.4 
'-S0-120-1-F-0.~ L 
4-00-iZO-i-f-O.7 L 
25 4-80-120-2-f-0.7 L 
26 4-80-120-1-P-0.4 
27 4-80-120-1-f-0.7 L 
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0.051 
0.169 
0.178 
0.040 
0.166 
0.078 
0.163 
o. lOS 
0.111 
0.160 
0.172 
0.169 
0.262 
0.140 
0.053 
0.060 
0.024 
0.031 
0.094 
0.OS3 
lL060 
0.053 
O.Ob·J 
C.053 
0.221 
0.221 
G.Ue7 
0.087 
0.117 
0.089 
0.117 
0.089 
0.094 
0.061 
0.091.1 
0.061 
0.094 
0.067 
0.067 
0.0114 
0.049 
0.49 
0.49 
0.38 
0.38 
0.094 
0.094 
0.069 
0.072 
0.42 
0.42 
55 
39 
68 
55 
55 
55 
55 
55 
55 
39 
39 
34 
55 
65 
65 
100 
100 
6; 
E5 
65 
65 
39 
39 
613 
68 
55 
100 
55 
100 
100 
55 
100 
55 
100 
55 
55 
65 
65 
53 
53 
57 
57 
68 
68 
100 
90 
77 
77 
.s 
u 
6--
u 
mR.X 
0.021 
0.033 
0.019 
0.022 
0.019 
0.039 
0.018 
0.033 
0.03il 
0.028 
0.017 
0.023 
0.044 
0.047 
0.OS3 
0.058 
0.087 
0.065 
0.033 
O. t'65 
0.C62 
0.065 
O. oJ;':: 
0.069 
0.Oi18 
0.0118 
0.067 
0.067 
0.075 
0.074 
0.069 
0.056 
0.054 
0.086 
0.044 
0.082 
0.023 
0.043 
0.050 
0.076 
0.073 
0.018 
0.018 
0.041 
0.041 
0.057 
0.057 
0.012 
0.021 
0.027 
0.027 
0.002 
0.005 
0.005 
0.005 
0.001 
0.007 
0.002 
0.007 
0.005 
o.oo~ 
0.002 
0.006 
o.ooe 
0.015 
0.C09 
0.005 
0.008 
0.00(; 
0.:'07 
0.011 
c.o::; 
C.O.]9 
0.005 
0.022 
0.022 
0.005 
0.005 
0.016 
0.014 
0.010 
0.014 
0.C05 
0.013 
0.014 
0.009 
0.010 
0.012 
0.013 
0.020 
0.020 
0.054 
0.054 
0.025 
0.025 
0.003 
0.005 
0.035 
0.035 
D 
C.023 
0.038 
0.024 
0.027 
0.020 
0.0116 
0.020 
0.040 
0.039 
0.042 
0.0'9 
0.029 
0.052 
0.062 
0.072 
0.064 
0.095 
0.071 
O. C:;O 
0.0 7 6 
0.075 
0.074 
:':.079 
C.074 
0.070 
0.070 
0.091 
0.091 
0.080 
0.080 
0.085 
0.070 
0.064 
0.100 
0.049 
0.095 
0.037 
0.052 
0.060 
0.088 
0.086 
0.038 
0.038 
0.095 
0.095 
0.083 
0.083 
0.0:5 
0.026 
0.062 
0.062 
30 
42 
34 
50 
36 
56 
56 
50 
36 
50 
36 
iJ2 
42 
34 
56 
34 
56 
56 
34 
56 
34 
34 
50 
36 
30 
30 
32 
32 
42 
42 
56 
50 
42 
42 
D' 
0.061 
0.026 
0.074 
0.026 
0.068 
0.106 
O.lCO 
0.121 
0.172 
0.12-5 
0.C53 
0.liJ2 
;::.105 
0.138 
0.: 11 
0.131.1 
C.150 
0.150 
0.129 
0.1 43 
0.140 
0.128 
0.188 
0.167 
0.e90 
0.158 
0.068 
0.08l; 
0.098 
0.118 
0.160 
0.073 
0.073 
0.186 
0.186 
0.141 
0.141 
0.027 
0.047 
0.126 
0.126 
25 
25 
25 
25 
30 
50 
50 
30 
30 
;0 
50 
50 
50 
25 
50 
25 
50 
25 
25 
30 
18 
20 
50 
45 
D' , 
0.105 
0.092 
0.073 
0.144 
0.145 
0.193 
0.1 43 
0.170 
0.165 
0.161 
0.160 
0.143 
0.132 
0.227 
0.100 
0.215 
0.076 
0.114 
0.136 
0.192 
0.121 
0.297 
0.030 
0.052 
I 
: 
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ATC-6 Design 
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Fig. 2.1 Design and Average Computed Response Spectra for Rock and 
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Fig. 5.6 Deformed Shape of Member without End 
Translation 
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Fig. 5.14 Degrees-of-Freedom for Pile 
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Fig. 5.18 Degrees-of-Freedom for Deck Element in 
Transverse Direction 
Fig. 5.19 Degrees-of-Freedom for Deck Element in 
Longitudinal Direction 
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Fig. 5.20 Correction of Forces to Follow Force Deformation 
Relationship 
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Fig. 6.5 Column Damage to San Fernando Road Overhead 
(from Fung, et al.) 
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APPENDIX A 
HYSTERESIS RULES FOR SDOF OSCILLATORS 
The following rules apply to the model wi th the bilinear primary 
curve shown in Fig. A.1. The following- definitions are used to simplify 
the description of the rules. 
All comparisons of forces to breakpoint forces are considered 
to be for the absolute values of the forces. Therefore, 
the rules apply to both posi ti ve and negati ve ranges of 
forces. 
Loading is defined as an increase (without change of sign) 
of the absolute value of the force. 
Unloading is defined as a decrease (without change in sign) of 
the absolute value of the force. 
Load reversal is def-ined as a change in sign of the force 
with respect to the previous time step . 
K is the stiffness in the current time step. 
Points 0, Y, U, U , X , and R are defined in Fig. A.1. 
m 0 
Primes (t) indicate pOints on the primary curve opposite 
to the previous loading direction. 
Rule 1: 
1.1 Loading: F(M) ~ F(Y) K slope of OY; go to rule 
F(M) ~ F(Y) K slope of YU; go to rule 2 
1 .2 Unloading: K slope of OY; go to rule 
1.3 Load Reversal: K slope of OY; go to rule 
178 
Rule 2: 
2. 1 Loading: K 
2.2 Unload ing: K 
Rule 3: 
3. 1 Loading: F (f'1) ;£ F(R) K 
F(M) f: FeR) 
, . R U K 
m 
2. R :;t: U K 
m 
3.2 Unloading: K 
3.3 Load Reversal: 
1 . UI f: yl K 
m 
2. UI ;£ Y' K 
m 
Rule 4: 
4. 1 Loading: F(M) ~ F (U I ) 
m 
K 
F (t-1) ~ F (U I ) K 
m 
4.2 Unloading: K 
slope of YU; go to rule 2 
S1 (slope of Oy)*(D(Y)J O. S D 
max 
R U 
m' 
go to rule 3 
S, ; go to rule 3 
slope of YU; go to rule 2 
slope of XU, 
om' 
go to rule 4 
S1 ; go to rule 3 
slope of X UI. 
om' 
go to rule 4 
slope of X Y I. Uf = Y I; 
o ' m 
go to rule 4 
slope of X UI • 
om' 
go to rule 4 
slope of YU; go to rule 2 
S, ; unloading point = R; 
go to rule 3 
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APPENDIX B 
FLEXIBILITY RELATIONSHIP FOR INELASTIC FLEXURAL DEFORMATION 
In this section the flexibility relationship for inelastic flexural 
deformation for use in Eq. 5.4 is derived. The method involves formulat-
ing the incremental flexibili ty matrix of a simply supported inelastic 
member shown in Fig. B.l as a function of cantilever deformation between 
a support and point of contraflexure. The original derivation of the 
method for an arbitrary location of the point of contraflexure was given 
by at an i ( 45 ) . 
The moment diagram, inelastic curvature distri bution and deformed 
shape of the member are shown in Fig. B. 1 . The inelastic curvature is 
defined as the total curvature at a given moment minus the elastic curv-
ature. Therefore, up to the cracking moment the inelastic curvature for 
a reinforced concrete member is zero. 
The poin t of con traflexure 0 f the member in Fi g. B. 1 is gi ven by 
point c. The distance from the supports to the point of contraflexure 
are denoted AAL and ABL. The coefficients AA and AB can be calculated as 
follows: 
(B.l ) 
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Referring to Fig. B.l the following relationship holds from geometry 
of the deformed member: 
BH CD + EC - FG (B.2 ) 
If_ ~segrne!!ts~ AC and BC are considered as two cantilevers fixed at A and B 
and free at C, EC and CD are recognized as free end deflections D(M ,A L) A A 
and D(MB,ABL), respectively. The angles at point C between the deformed 
member and lines CF and CG are the free end rotations R(MA,AAL) and 
R(MB,ABL). Therefore, FG can be expressed as: 
FG 
The dis tcf; ::E ~- :s equal to SAL, therefore, Eq. B.2 may be rewritten: 
(B.4) 
Simila;~y. 
(B.5 ) 
:-~.t >-;: ~ ,,? • ~ r.~ ~or the displacement and rotation at the end of the 
cant i >~: ',1:" -; r: ~ ex;:;ressed as a funct ion of displacements and rotations 
of u:-;:: ........ - . ~r~._evers. Free end displacements for cantilevers are 
propor~:C'''04 .~~ :ength of the member squared while free end rotations 
are pro~c"": .. ~. _'"- :;;€, length. This may be written in equation form as 
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D(M,AL) 
R(M,AL) (AL) R(M) (B.6 ) 
This procedure allows the deformation of the member to be calculated 
knowing only the value of momen ts at the ends and values of free end 
. displacement and rotations of a uni t length cantilever. Equat ions B. 4 
and B.5 may be rewritten: 
(B.7 ) 
L( ,2 D(M ) ~ I\'B2 D(~1BJ + I\A 'A' ,.1' (B.8 ) 
The incremental form of Eqs. B.7 and B.8 are obtained by increasing 
the moments by .6MA and !::.MB' and rotations by .68A and .68B, substituting 
the incremental values of M and 8 into Eqs. B.7 and B.8, and subtracting 
the non-incremented form of the equations. To simplify the equations it 
was assumed that the incremental changes in the point of contraflexure, 
.6AA and .6AB, were zero dur ing the time step. Also, since the equa tions 
for moment vs. free end displacements and rotations were linear between 
b rea k poi n t s, the inc rem e n tal e qua t ion s for f r e e end rot a t ion an d 
displacement may be written: 
D(M+llM) - D(M) D(.6M) (B.9 ) 
R(M+llM) - R(M) R(.6M) (B.l0) 
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where SD(M) and SR(M) are the slopes of the moments vs. free end 
displacement and moment vs. free end rotation at moment M. 
The equations for ~eA and ~eB may be written in matrix form as: 
~eA f 11 fl~ ~MA 
(B.ll) 
~eB f 21 f 22 I 
:J 
~MB 
where: 
AA AB . 
f 11 AAL [SD (MA) 
+ SR (M )]; A 
f 21 A2L [SD (~A) - SR (~ )]; and A A 
f22 ABL 
AB 
[SD (M
B
) + 
AA 
SR (M
B
) ] . 
It is noted that if MA ~ MB, f12 and f21 are not equal. Therefore, the 
flexibility matrix given by Eq. B.ll is not symmetric in general. 
Since is was assumed that the point of contraflexure did not move 
during a time step, an incremental procedure was used to calculate the 
location of the point of contraflexure. The procedure is as follows: 
Incremental end moments were determined for a time step using values of 
AA and AB from the moments in the previous time step. If the values of 
184 
AA and AB from the incremental' moments change more than a specified tol-
erance, the solution for the time step is repeated using the new values 
This of AA and AB to calculate the flexibility matrix of the piers. 
process is repeated until the values of AA and AB used to calculate the 
terms in the flexibility matrix are within a specified tolerance of the 
values of AA and AB calculated with the incremental moments calculated 
for the time step. 
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APPENDIX C 
HYSTERESIS RULES FOR REINFORCED CONCRETE PIERS 
The following rules apply to the model shown in Fig. C.l. The same 
definitions and assumptions stated in Appendix A also apply to these 
rules. In addition, the following definitions apply: 
The pinching stiffness (Rule 6) is used only when the slope of 
the pinched curve is less than the slope of the curve that 
loads towards the maximum point without pinching. 
The deformation at which the pinching terminates (Point B) is 
defined as 314 of the maximum deformation previously 
attained in the direction of loading. 
Therefore, by specifying a large pinching moment, the pinching 
stiffness will not be used in the analysis. 
Points 0, C, Y, U, V, M, B, R1 , R2 , and Urn are defined in 
Fig. C.1. 
Rule 1: 
1.1 Loading: F(M) ~ F(C) K slope of OC; go to rule 1 
Unloading: 
and F(M) > F(C) K slope of CY; go to rule 2 
Load Reversal: 
Rule 2: 
2 .. 1 Loading: F(M) ~ F(Y) K slope of CY; go to rule 2 
F(M) > F(Y) K slope of YU; go to rule 3 
Unloading: K S2 = slope of MC'; go to Rule 5 
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Rule 3: 
J 3. 1 Loading: F(M) $ F(U) K slope of YU; go to rule 3 
) F(M) > F(U) K slope of UV; go to rule 3 (slope of Cy)*(~(Y»)O.5 Unloading: K 5, 
max 
-1 D max deformation attained max 
in load ing direction; 
.J go to rule 4 
J Rule It: 
1 
4. , Loading: F(M) ~ F(U ) K 5, ; go to rule 4 m 
F(M) > F(U ) m 
1 ' . U ~ U K YU; go to rule 3 m 
.2. U > U K UV; go to rule 3 m 
1 4.2 Unloading: K 5, ; go to rule 4 
4.3 Load Reversal: 
I , . U' ~ yl K 54 slope of X Y'; UI Y I. m 0 m , 
1 go to rule 7 
>1 
2. UI > Y I K 5 -
m 3 If slope of X B ~ slope 0 
of X U'· 
om' 
K = slope of 
X B· 
o ' 
go to rule 6 
K 5 -4 If slope of X B > slope 0 
1 
of X UI . 
om' 
K = slope of 
X UI. 
o m' 
go to rule 7 
J Rule 5: 
I 5. 1 Loading: F(M) ~ F(U ) K 52; go to rule 5 
.J m 
F(M) > F(U ) K CY; go to rule 2 
··1 m 
---' 
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5.2 Unloading: K S2; to to rule 5 ~ 
! 
5.3 Load Reversal: rule 4.3 01 same as 
Rule 6: r t. 
6. 1 Loading: F(M) ~ FeB) K S3; go to rule 6 r 
!.-
F(M) > FeB) K S4 = slope of BU m' go to rule 7 
6.2 Unloading: K S, ; unloading point = R1 ; f 
go to rule 9 
r-( 
L 
Rule 7: 
7 . 1 Loading: F(M) ~ F(U ) K S4 ; go to rule 7 (: m 
F(M) > F(U ) I m , . U ~ U K slope of YU; go to rule 3 m 
2. U > U K slope of 
m 
UV; go to rule 3 I 
7.2 Unloading: K S, ; unloading point = R2 ; 
go to rule 8 [ 
Rule 8: I 
c. : .. /Jad ing : F(M) ~ F(R 2 ) K S, ; go to rule 8 I ........ : [ F(M) > F(R,..,) K S4; go to rule 7 
c... 
8 ? Un :oad ing: K S, ; go to rule 8 r-
~ .., Load Reversal: rule 4.3.2 ~.j same as 
Rule 9: t 
9.1 Loading: F(M) ~ F (R 1 ) K S, ; go to rule 9 [ 
F(M) > F (R 1 ) K S3; go to rule 6 
9.2 Unloading: K S . , , go to rule 9 r 
9.3 Load Reversal: same as rule 4.3.2 
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